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CHAPTER  1  -  INTRODUCTION 

1.1  Background  Information 

In  bridge  construction,  the  reduction  of  on-site  concrete  formwork  often  leads  to 
savings  in  the  total  structure  cost.  For  multi-span  bridges  with  40  ft  (12  m)  spans  or  less, 
the  most  economical  structure  is  often  a  continuous  reinforced  concrete  slab  without 
girders. 

One  alternative  to  this  structure  utilizes  full-span,  precast  prestressed  concrete 
panels.  These  panels,  which  span  adjacent  piers,  are  placed  side  by  side  and  serve  as  stay- 
in-place  formwork  for  a  composite  cast-in-place  (CEP)  concrete  topping.  The  full-span, 
simply-supported  panels  support  their  own  weight,  the  weight  of  the  composite  topping, 
and  construction  loads.  The  panels  act  compositely  with  the  CIP  topping,  and  the  panel 
reinforcement  serves  as  the  positive  moment  reinforcement  for  superimposed  loads  applied 
after  the  topping  has  hardened.  Mild  steel  reinforcement  is  placed  in  the  CIP  topping  over 
the  piers  to  provide  for  negative  moment  in  the  continuous  structure. 

The  Florida  Department  of  Transportation  was  a  pioneer  in  the  use  of  full-span 
form  panels  in  the  1970's.  Unfortunately,  very  regular  cracking  was  observed  in  the  first 
bridges  built  with  this  approach  [1].  Longitudinal  cracks  in  the  CIP  deck  were  observed 
over  almost  every  panel  joint  and  usually  extended  for  the  full  length  of  the  bridge.  In 


addition,  transverse  cracking  was  observed  at  the  negative  moment  region  over  the  piers. 
This  cracking  was  attributed  to  differential  shrinkage  between  the  precast  panels  and  CIP 
topping,  as  well  as  traffic  loading. 

1.2  Objective 

In  order  to  eliminate  falsework  expense  and  reduce  forming  costs,  the  Indiana 
Department  of  Transportation  (INDOT)  would  like  to  use  full-span,  prestressed  concrete 
panels  for  many  bridges  that  need  replacement.  However,  INDOT  decided  that  before 
implementing  this  system  more  widely,  further  research  was  needed  to  investigate  its 
behavior  when  exposed  to  repeated  service  loading  and  severe  environments. 

INDOT  was  also  concerned  about  the  effects  from  possible  chloride  accumulation 
at  the  interface  between  the  5000-6000  psi  (34-41  MPa)  prestressed  concrete  panels  and 
the  4000  psi  (28  MPa)  CEP  topping.  Chlorides,  which  are  introduced  to  the  bridge  deck 
through  the  application  of  de-icing  salts,  can  quickly  migrate  to  the  interface  through 
cracks  in  the  CEP  topping.  It  was  suspected  that  a  significant  accumulation  of  chlorides  at 
this  region  could  weaken  the  bond  between  the  two  layers  of  concrete  and  cause 
delamination. 

The  main  objective  of  this  study,  therefore,  was  to  evaluate  the  behavior  and 
durability  of  bridges  constructed  with  full-span,  prestressed  concrete  panels  when  exposed 
to  repeated  loadings  and  severe  bridge  deck  environments.  Behavior  of  these  bridges  was 
assessed  by: 


(1)  Quantifying  the  flexural  stresses  at  continuous  supports  due  to  the 
restraint  of  time-dependent  effects. 

(2)  Determining  the  effects  of  repeated  loading  on  the  continuity  at 
interior  piers. 

(3)  Evaluating  the  ultimate  strength  of  bridges  constructed  with  full-span, 
prestressed  concrete  panels. 

Durability  of  these  structures  was  evaluated  by: 

(1)  Determining  the  potential  for  accumulation  of  chlorides  at  the 
interface  of  the  prestressed  panels  and  CIP  topping. 

(2)  Evaluating  the  resistance  of  bridges  constructed  with  full-span, 
prestressed  concrete  panels  to  chloride-induced  reinforcement  corrosion. 

1.3  Scope 
This  study  experimentally  evaluated  the  performance  of  two  full-scale  specimens  in 
order  to  model  the  performance  of  short-span  bridges  constructed  with  full-span 
prestressed  concrete  panels  subjected  to  repeated  loads  and  severe  environments.  The 
work  is  presented  in  the  subsequent  chapters  of  this  document.  Chapter  2  contains  a 
summary  of  previous  research  related  to  this  study.  A  detailed  description  of  the  test 
program  is  given  in  chapter  3.  Chapter  4  contains  the  results  from  the  evaluation  of  time- 
dependent  effects.  Chapters  5  and  6  discuss  the  results  from  structural  testing  and 
durability  testing,  respectively.  Chapter  7  summarizes  the  results  of  this  study  and 
contains  recommendations  for  implementation  of  these  results  and  for  additional  research. 


CHAPTER  2  -  LITERATURE  REVIEW 

2.1  Introduction 
This  chapter  describes  the  previous  research  pertaining  to  the  use  of  full-span 
prestressed  concrete  form  panels  for  short-span  bridges.  In  addition,  the  results  of  a 
survey  of  current  practices  by  other  state  DOTs  pertaining  to  the  use  of  full-span 
prestressed  concrete  form  panels  is  presented. 

2.2  Previous  Studies 
2.2.1  Hays,  Cox,  and  Obranic  (1980) 

Hays,  Cox,  and  Obranic  [1]  performed  extensive  numerical  and  experimental 
studies  on  the  static  behavior  of  full-span  bridges  constructed  with  concrete  form  panels. 
These  studies  included  field  investigations  and  testing  of  existing  bridges  that  had  been  in 
service  up  to  3  years,  as  well  as  the  testing  of  half-scale  laboratory  specimens. 

The  field  investigation  portion  of  this  research  involved  the  coring  and  surface 
mapping  of  9  bridges  constructed  with  full-span  form  panels.  These  inspections  revealed  a 
consistent  pattern  of  cracking  in  all  bridge  decks  observed.  The  cracking  included 
longitudinal  "reflective  cracking,"  found  over  nearly  every  panel  joint,  which  ran  the  full 
length  of  the  panels,  as  well  as  transverse  cracking  at  the  negative  moment  regions.  While 


there  appeared  to  be  a  correlation  between  the  amount  of  traffic  loading  and  cracking,  one 
bridge,  which  was  inspected  before  being  opened  to  traffic  loading,  already  had 
longitudinal  and  transverse  cracking.  Even  though  pattern  cracking  was  found  at  all 
bridges,  there  were  no  additional  maintenance  expenses  associated  with  these  decks. 

Field  corings  at  panel  joints  indicated  that  the  longitudinal  cracks  were  directly 
over  the  panel  joints  for  bridges  using  flat  panels,  and  slightly  offset  from  the  panel  joints 
for  bridges  using  ribbed  panels.  It  was  concluded  that  the  widths  of  these  cracks  were 
small  enough  to  allow  shear  transfer  to  take  place  across  the  cracks.  Corings  at  the  piers 
revealed  that  the  ends  of  the  precast  panels  were  not  well  bonded  to  the  CIP  topping. 
This  was  believed  to  be  due  to  the  smooth  surface  of  the  panel  ends,  and  aggravated  by 
the  lack  of  positive  moment  reinforcement  at  the  pier. 

Finite  element  studies  were  performed  to  determine  the  magnitude  of  stresses 
introduced  by  the  shrinkage  of  the  CIP  concrete  and  restraint  of  shrinkage  by  the 
prestressed  panels.  These  studies  showed  that  the  stresses  developed  due  to  shrinkage 
alone  were  large  enough  to  cause  the  observed  longitudinal  cracking  above  the  precast 
panel  joints. 

Laboratory  tests  were  made  on  three  two-span  specimens,  each  consisting  of  four 
form  panels  (two  per  span)  and  loaded  eccentrically  at  midspan.    The  span  length  and 
precast  panel  dimensions  were  approximately  1/2  scale.  The  major  variables  in  the  test 
were  the  percentages  of  steel  used  in  the  prestressed  panels  and  CIP  topping,  and  the 
shape  of  the  panel  cross-sections  (rectangular  or  inverted  T-shaped  slabs).  The  surfaces 


of  the  form  panels  were  given  a  broom  finish.  In  one  specimen,  a  cold-joint  in  the  CIP 
topping  was  created  above  the  precast  panel  joint  to  simulate  a  longitudinal  crack. 

In  spite  of  the  loading  eccentricity,  which  the  authors  believed  to  be  more  severe 
than  in  actual  bridges,  all  three  laboratory  specimens  developed  strengths  in  excess  of  that 
predicted  by  limit  analysis  considering  full  width  of  the  specimens  at  sections  of  positive 
and  negative  moment.  Also,  good  ductility  was  exhibited  by  all  specimens,  and  no 
problems  were  observed  with  the  bond  of  the  panels  to  the  CIP  topping. 

Field  testing  was  also  performed  on  an  eight-span,  form-panel  bridge,  in  which 
load  was  applied  to  the  bridge  by  a  hydraulic  jack  pressing  against  a  truck  frame. 
Deflection  profiles  from  this  field  test  showed  that  load  was  indeed  transferred  across  the 
longitudinal  panel  joints.  Differential  deflections  across  a  longitudinal  joint  were  in  all 
cases  less  than  6  percent  of  the  total  joint  deflection  under  a  loading  equal  to  1  1/2  times 
the  design  service  wheel  load  including  impact.  The  load  versus  deflection  curves  also 
showed  an  increase  of  stiffness  with  an  increase  in  load.  This  was  attributed  to  the 
observed  cracking  at  the  interface  of  the  panel  ends  and  the  CIP  topping  over  the  pier. 

Based  on  the  field  observations,  corings,  laboratory  testing  and  numerical  analyses, 
the  authors  made  the  following  conclusions  and  recommendations: 
•     Excellent  bond  between  the  precast  panels  and  CIP  topping  can  be  achieved  by 
applying  a  broom  finish  to  the  panels  and  by  wetting  the  panels  prior  to  placing  the 
CIP  topping.  A  minimum  amount  of  horizontal  shear  reinforcement  could  be  specified 
to  protect  against  possible  contamination  of  the  panel  surface  (oil  spills,  dirt,  etc.). 


•  The  AASHTO  effective  width  formula  for  a  one-way  slab  (E  =  4  +  0.06S  <  7.0  ft.), 
where  "E"  is  the  effective  width  in  feet  and  "S"  is  the  span  length  in  feet,  is  adequate 
for  determining  the  design  longitudinal  moments  due  to  live  load. 

•  A  minimum  panel  width  of  4  feet  should  be  used.  Although  panels  with  smaller  widths 
and  designed  using  the  effective  width  formula  would  have  adequate  ultimate  strength, 
such  panels  might  be  highly  overstressed  under  moderate  overload. 

•  A  minimum  transverse  reinforcement  of  #4  bars  @  12  inches  in  the  CIP  slab  and  a 
minimum  CIP  slab  thickness  of  4  1/2  inches  are  adequate  to  provide  load  transfer 
between  adjacent  panels.  However,  for  improved  resistance  to  longitudinal  cracking 
above  panel  joints,  the  authors  recommended  the  detail  shown  in  figure  2.1. 

•  An  improved  detail  over  piers  and  at  end  abutments  is  needed.  This  should  include 
either  shear  keys  in  the  panel  ends  or  provision  for  direct  bearing  of  the  panels  on  the 
CIP  concrete  at  the  supports.  In  addition,  positive  moment  reinforcement  at  the  piers 
should  be  used  to  reduce  separation  of  the  CIP  concrete  from  the  panel  ends. 

2.2.2  Buckner  and  Turner  (1981) 
Buckner  and  Turner  [2]  investigated  the  effects  of  repeated  loading  on  the 
serviceability  and  strength  of  composite  panel-form  bridge  decks.  Six  single  span,  simply- 
supported  composite  specimens  were  fabricated  and  tested.  Each  specimen  had  an  overall 
thickness  of  13  inches  and  utilized  3  prestressed  form  panels.  The  variables  tested  in  this 
study  were  the  depths  of  the  prestressed  panels  and  CEP  topping,  the  geometry  of  the 
panels  (flat  or  beveled  edges),  and  the  amount  of  transverse  reinforcement.  The  top 


surface  and  beveled  edges  of  the  panels  were  raked  transversely  with  metal  tines  to  depths 
of  approximately  1/8  inch.  All  lifting  loops  in  the  panels  were  cut  off  prior  to  casting  the 
CIP  topping  to  eliminate  all  mechanical  shear  connections  between  the  panels  and  CIP 
topping. 

Each  specimen  was  subjected  to  2  million  cycles  of  loading,  applied  at  midspan, 
before  a  final  monotonic  loading  to  failure.  An  upper  load  level  of  41.6  kips  represented  a 
HS20-44  design  axle  load  of  32  kips  with  a  1.3  impact  factor.  A  lower  load  level  of  3  kips 
was  used  to  prevent  separation  between  the  actuator  and  loading  beams.  Intermediate 
static  tests  were  performed  after  every  500,000  cycles  of  loading.  For  all  six  specimens, 
the  experimentally  determined  failure  moment  exceeded  the  computed  moment  capacity. 

The  authors  made  the  following  conclusions  based  on  the  results  from  these  tests: 

•  The  composite  deck  can  withstand  2  million  cycles  of  design  load  without  significant 
loss  of  serviceability  or  strength. 

•  Adequate  composite  action  is  obtained  by  roughening  the  interface  surfaces  of  the 
precast  panels  and  by  water-blasting  this  surface  immediately  prior  to  placing  the 
topping  slab. 

•  Adequate  serviceability  and  strength  can  be  obtained  using  flat  precast  panels  rather 
than  more  expensive  beveled-edge  panels. 

•  There  is  no  indication  that  thickness  of  the  topping  slab  relative  to  the  total  thickness 
affects  the  fatigue  strength  of  the  composite  deck  up  to  2  million  cycles. 

•  For  HS20-44  live  loads,  adequate  shear  transfer  is  provided  by  a  5-inch  topping  slab 
reinforced  transversely  with  #4  grade  60  rebars  spaced  12  inches  on  center.  This  shear 


transfer  is  available  even  when  a  longitudinal  crack  exists  in  the  topping  slab  over  the 
panel. 

2.3  Practices  bv  Other  DOTs 
Federal  Highway  Administration  (FHWA)  Regional  Bridge  Engineers  were 
contacted  and  asked  about  current  practices  pertaining  to  full-span  prestressed  concrete 
form  panels.  None  of  the  regional  engineers  contacted  was  aware  of  state  DOTs  that  still 
used  full-span  composite  panels.  Bridge  Engineers  in  Regions  3  (DE,  DC,  MD,  PA,  VA, 
WV),  4  (AL,  FL,  GA,  KY,  MS,  NC,  SC,  TN),  6  (AR,  LA  OK,  NM,  TX),  and  10  (AK, 
ID,  OR,  WA)  said  that  full-span,  full-depth  precast  panels  were  being  used  for  short-span 
bridges.  These  panels  typically  have  keyways  along  the  longitudinal  edges  which  are  filled 
with  grout  after  the  panels  are  placed  side-by-side.  Shear  transfer  between  adjacent  panels 
is  then  ensured  by  transverse  post-tensioning  after  the  grout  has  cured.  Regions  4  and  10 
use  both  solid  panels  and  voided  (or  hollowcore)  slabs. 

2.4  Summary  of  Related  Research 
Previous  research  pertaining  to  short  span  bridges  constructed  with  full-span 
precast  prestressed  panels  has  shown  that  stresses  due  to  shrinkage  of  the  CIP  concrete 
are  sufficient  to  cause  longitudinal  and  transverse  cracking  of  the  decks.  The  effect  of 
these  cracks  on  durability,  after  long-term  exposure  of  the  decks  to  severe  environments, 
was  uncertain.  Previous  research  included  monotonic  loadings  of  two-span  bridges,  and 
cyclic  loadings  of  single  span  specimens.  The  current  investigation  extends  this  research 


to  determine  the  performance  of  multi-span  bridges,  utilizing  full-span  precast  prestressed 
panels,  when  exposed  to  cyclic  loading  and  extreme  environmental  conditions.  Chapter  3 
describes  the  experimental  program  in  detail. 
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CHAPTER  3  -  EXPERIMENTAL  PROGRAM 

3.1  Test  Setup 
To  evaluate  the  behavior  in  regard  to  durability  and  strength  of  bridges  constructed 
with  full-span,  prestressed  concrete  panels,  two  bridges,  each  with  two  spans,  were 
fabricated  and  tested  in  the  Karl  H.  Kettelhut  Structural  Laboratory  at  Purdue  University. 
Each  span  of  a  bridge  consisted  of  two  prestressed  concrete  form  panels  measuring  21ft 
long,  4  ft  wide,  and  6-in  thick  (6.4  m  x  1.2  m  x  150  mm),  topped  with  a  6  inch  (150  mm) 
thick  composite  CIP  slab.  Figure  3.1  shows  the  geometric  characteristics  of  the  test  setup. 
Continuity  between  precast  panels  in  adjacent  spans  was  achieved  by  extending  the  strands 
out  of  the  panel  ends  and  anchoring  them  in  a  diaphragm  cast  at  the  time  of  the  CIP  slab 
(see  Figure  3.2).  Composite  action  between  the  precast  concrete  form  panels  and  CIP 
topping  was  attained  by  applying  a  rake  finish  on  the  top  surface  of  the  form  panels. 

3.2  Test  Specimens 
Table  3.1  shows  the  differences  in  reinforcement  of  the  two  test  bridges.  The 
prestressed  panels  in  Bridge  #1  contained  (8)  - 1/2"  special  uncoated  low-relaxation 
strands,  while  the  panels  in  Bridge  #2  contained  four  such  strands.  Each  strand  had  an 
area  of  0. 167  in2  (108  mm2  )  and  a  minimum  ultimate  stress  of  270  ksi  (1860  MPa).  This 
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corresponds  to  a  reinforcement  ratio,  pp,  of  0.0027  for  Bridge  #1  and  0.0014  for  Bridge 
#2.  The  higher  ratio  represents  an  average  value  which  could  be  expected  in  this  type  of 
structure,  while  the  lower  ratio  is  based  on  a  practical  minimum  number  of  strands  per 
panel.  For  both  bridges,  the  reinforcement  in  the  CIP  topping  over  the  pier  was 
approximately  equal  to  the  minimum  amount  of  200/fy.  Bridge  #1  contained  (16)  -  #4 
bars  at  the  pier  with  a  reinforcement  ratio,  p,  equal  to  0.0036.  Bridge  #2  had  (6)  -  #6  bars 
at  the  pier  with  p  =  0.0030.  Longitudinal  bars  were  also  placed  in  the  CIP  topping 
elsewhere  for  shrinkage  and  temperature  control.  These  consisted  of  #4  bars  at  16-inch 
spacings.  Figure  3.3  shows  a  cross-sectional  view  of  the  test  bridges.  In  addition  to  the 
longitudinal  steel,  transverse  mild  steel  was  used  in  both  the  prestressed  panels  and  CIP 
topping.  #4  bars  at  18-inch  spacings  were  used  in  the  prestressed  panels  for  shrinkage  and 
temperature  control  (see  Figure  3.4).  #4  epoxy-coated  bars  at  12-inch  spacings  were  used 
in  the  CIP  slab  as  recommended  by  Buckner  and  Turner  [2]  (see  Figure  3.5). 

3.2.1  Fabrication  of  Precast  Slabs 
The  prestressed  panels  for  this  study  were  cast  at  Hydro  Conduit  Corporation's 
prestressed  concrete  plant  in  Lafayette,  IN.  The  four  panels  for  each  bridge  were  cast 
simultaneously  in  one  prestressing  bed,  separated  by  wooden  header  blocks.  The  panels 
were  given  a  raked  finish  using  a  rake  with  tines  at  one  inch  on  center.  The  depth  of  the 
rake  depressions  was  approximately  1/4  inch  (see  Figure  3.6).  Each  panel  also  had  (4)  - 
#4  bent  bars  extending  out  of  the  surface  at  lifting  locations.  These  provided  the  only 
mechanical  shear  connections  between  the  precast  panels  and  CEP  concrete  slab  in  the 
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composite  structure.  The  four  prestressed  panels  for  bridge  #1  were  cast  on  10/26/93, 
while  the  panels  for  Bridge  #2  were  cast  on  10/18/94. 

3.2.2  Fabrication  of  Composite  Test  Bridges 
After  the  panels  were  allowed  to  cure  they  were  shipped  to  the  Karl  H.  Kettelhut 
Structures  Laboratory  at  Purdue  University.  The  panels  were  then  moved  onto  the 
simulated  bridge  piers  in  the  laboratory  and  placed  on  supports  consisting  of  plates  and 
rollers.  The  supports  at  the  center  pier  modeled  pin  connections,  while  the  supports  at 
discontinuous  ends  represented  roller  connections.  Formwork  was  then  built  to  contain 
the  wet  CIP  concrete  topping.  The  formwork  was  anchored  to  the  panels  using  Ffilti 
Quickcon  Anchors.  The  top  of  the  formwork  was  set  at  an  elevation  which  provided  for  a 
minimum  topping  thickness  of  6  inches.  Because  of  camber  of  the  panels,  the  topping  was 
6  inches  thick  at  midspan  and  thicker  near  the  piers.  Epoxy-coated  bars  were  then  placed 
on  top  of  stainless  steel  bar  chairs  which  sat  on  the  surface  of  the  panels  (see  Figure  3.7). 
The  epoxy-coated  bars  had  a  clear  cover  of  at  least  2  1/2  inches  as  specified  by  AASHTO 
[3]  (2"  +  1/2"  wearing  surface).  Before  the  topping  was  cast,  the  surfaces  of  the  panels 
were  cleaned  using  a  high-pressure  air  hose.  Approximately  15  minutes  before  the 
topping  was  cast,  the  surfaces  of  the  panels  were  sprayed  with  a  water  hose  and  all 
standing  water  was  dissipated  using  an  air  hose.  This  was  done  to  prevent  wicking  of 
moisture  from  the  fresh  concrete.  Because  of  the  location  of  the  test  setup,  the  CIP 
concrete  had  to  be  pumped.  Placement  of  this  concrete  took  about  1  1/2  hours  for  each 
bridge.  The  top  surface  of  the  concrete  was  given  a  smooth  finish  in  order  to  facilitate  the 
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detection  of  cracks.  However,  the  region  over  the  center  pier  of  Bridge  #1  was  given  a 
raked  finish  similar  to  that  specified  by  INDOT  for  all  new  bridges  (see  Figure  3.8).  This 
is  the  area  which  was  later  subjected  to  durability  exposure  cycling.  The  CIP  slab  for 
Bridge  #1  was  cast  on  3/28/94;  the  slab  for  bridge  #2  was  cast  on  12/1 1/95. 

3.3  Loading 
After  the  CIP  topping  had  cured  for  50  days  (Bridge  #1)  and  44  days  (Bridge  #2), 
each  bridge  was  subjected  to  5  million  cycles  of  service  loading  by  two  hydraulic  actuators 
(one  per  span).  The  actuators  were  located  at  a  distance  of  8'-3"  (2.51  m)  from  the  center 
of  the  middle  pier  and  were  centered  over  the  precast  panel  joints.  This  location  was  close 
to  the  loading  point  which  produced  the  maximum  negative  moment  over  the  center  pier. 
Load  was  applied  to  the  deck  through  1/2"  thick  neoprene  bearing  pads  measuring  10"  x 
13"  in  area,  simulating  a  tire  footprint  as  in  the  study  by  Buckner  and  Turner  [1].  The 
loads  were  applied  at  a  frequency  of  1  1/2  Hz.  and  produced  a  maximum  stress  of  44  ksi 
in  the  reinforcement  over  the  center  pier  with  a  stress  range  of  18  ksi.  These  stresses  are 
slightly  larger  than  the  AASHTO  maximum  design  service  loads  and  are  believed  to 
represent  the  extreme  case  of  repeated  overloads.  The  load  ranges  were  from  4500  lbs.  to 
20,800  lbs.  for  Bridge  #1  and  from  6900  lbs.  to  20,000  lbs.  for  Bridge  #2.  These  loads 
were  estimated  from  moment-curvature  relationships  computed  for  the  composite 
structure  and  were  verified  by  strain  gage  measurements.  In  order  to  take  measurements, 
static  loadings  were  performed  prior  to,  and  periodically  throughout,  the  5  million  cycles 
of  loading.  A  detailed  description  of  these  measurements  is  given  in  section  3.5. 
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After  the  5  million  loading  cycles  had  been  applied,  the  bridge  was  loaded  to 
failure  using  the  same  hydraulic  actuators.  For  this  part  of  the  research,  the  load  in  each 
span  was  applied  to  the  deck  surface  through  a  24"  x  24"  bearing  pad  to  prevent  a 
punching-shear  failure  at  the  loading  point.  Measurements  were  taken  at  even  load 
increments  through  the  point  of  failure. 

3.4  Durability  Cycling  and  Testing 
In  addition  to  the  loadings  above,  a  portion  of  Bridge  #1  was  subjected  to  48 
weeks  of  southern  exposure  cycling.  This  weekly  cycle  consisted  of  4  days  of  exposure  to 
a  15%  sodium  chloride  solution  followed  by  3  days  of  drying  at  a  minimum  of  100°  F  (38° 
C).  The  area  subjected  was  the  negative  moment  region  over  the  center  support.  This 
portion  of  concrete  decks  typically  has  transverse  cracking  at  the  surface  and  is  believed  to 
be  the  most  critical  to  long-term  performance.  This  was  also  the  area  of  the  bridge  deck 
given  a  raked  finish  as  described  in  section  3.2.2.  The  exposure  cycling  of  Bridge  #1 
began  after  2  million  cycles  of  service  loading  had  been  applied  to  ensure  that  crack 
patterns  had  been  fully  established. 

To  contain  the  sodium  chloride  solution,  a  2  1/2"  high  barrier  was  constructed  on 
the  surface  of  the  bridge  deck  using  plastic  angles,  wood,  and  silicone  caulk.  The  barriers 
were  secured  to  the  deck  by  stainless  steel  Quickcon  anchors.  The  sodium  chloride 
solution  was  mixed  in  a  specially  designed  55-gallon  (208-liter)  plastic  barrel  with  an 
attached  motor  and  stainless  steel  paddle.  The  solution  was  then  pumped  on  and  off  the 
bridge  on  the  appropriate  days  (see  Figures  3.9  and  3.10). 
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After  the  sodium  chloride  solution  was  pumped  from  the  deck,  any  remaining 
solution  was  removed  with  a  vacuum  cleaner.  Then,  the  surface  was  cleaned  by  two 
successive  rinses  of  tap  water  that  filled  the  pond  above  the  previous  level  of  the  sodium 
chloride  solution.  Following  the  removal  of  the  tap  water  by  pumping,  the  deck  surface 
was  again  vacuumed  and  allowed  to  dry.  Heat  was  then  applied  to  the  deck  surface  to 
raise  the  concrete  temperature  above  100°  F  (38°  C).  This  was  done  using  halogen  lamps. 
An  aluminum  grid  containing  (32)  -  500-watt  quartz  halogen  lights  was  suspended  above 
the  deck  from  a  crane.  During  the  drying  phase  of  the  exposure  cycle,  the  grid  was 
lowered  to  within  4  ft  (1.2  m)  of  the  deck  and  supplied  near-uniform  heat  to  the  bridge 
(see  Figure  3.11). 

The  purpose  of  the  exposure  cycling  was  to  determine  the  potential  for  chloride 
accumulation  at  the  interface  and  to  evaluate  the  resistance  to  reinforcement  corrosion. 
The  potential  for  chloride  accumulation  was  evaluated  primarily  by  extracting  powder 
samples  from  the  bridge  and  testing  for  chloride  ion  content.  The  resistance  to 
reinforcement  corrosion  was  assessed  by  taking  weekly  measurements  during  the  drying 
phase  of  the  cycle.  These  measurements  included  half-cell  potentials,  AC-resistance,  and 
corrosion  currents. 

3.4. 1  Chloride  Ion  Powder  Samples 
Chloride  ion  powder  samples  were  extracted  from  Bridge  #1  after  every  12  weeks 
of  ponding.  This  process  consisted  of  drilling  into  the  bridge  deck  with  a  hammer  drill  and 
collecting  the  concrete  powder  at  1/2"  increments.  The  holes  were  drilled  at  least  7  inches 
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(180  mm)  deep,  extending  past  the  interface  and  into  the  prestressed  panels.  The  concrete 
powder  was  taken  to  INDOT's  Materials  and  Testing  Facility  in  Indianapolis,  IN,  where  it 
was  tested  for  total  chloride  ion  content  using  the  AASHTO  Standard  Test  T  260 
procedure. 

3.4.2  Corrosion  of  Reinforcement  in  Concrete 
Reinforcing  steel  corrodes  in  concrete  by  the  formation  of  electrochemical  cells, 
called  galvanic  cells.  Galvanic  cells  can  be  formed  in  many  ways,  but  to  be  operative,  all 
require  the  presence  of  (1)  an  electrolyte  (a  solution  containing  dissolved  ions  which 
conduct  electricity);  and  (2)  two  electrodes  (electrically  connected  metal  surfaces  which 
have  different  electrical  potentials  with  respect  to  the  electrolyte  in  contact  with  them). 

In  reinforced  concrete,  the  electrode  is  supplied  by  pore  water  and  the  differences 
in  electrical  potential  are  set  up  by  temperature  differentials  or  by  variations  in  the 
concentrations  of  moisture,  oxygen,  or  dissolved  ions  at  the  surface  of  the  bars  [4]. 
Corrosion  begins  as  a  current  flow  is  established  between  the  two  electrodes.  The 
electrode  at  which  metal  tends  to  go  into  solution  as  positively  charged  ions, 
simultaneously  developing  a  corresponding  negative  charge,  is  called  the  anode.  The 
principal  chemical  reaction  at  the  anode  may  be  written: 

Fe        ->         Fe~       +  2e" 

(iron)  iron  ions  two  electrons 

in  solution 

The  iron  ions  then  react  with  water  and  oxygen  to  form  rust.  The  electrolyte  to  which  the 
electrons  from  the  anode  flow,  and  at  which  other  various  chemical  reactions  involving 
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oxygen  occur,  is  called  the  cathode.  Electron  current  flows  from  the  anode  to  the  cathode 
through  the  electrical  interconnection  between  the  two,  and  then  back  to  the  anode 
through  the  electrolyte  (as  charged  ions)  to  complete  the  circuit. 

3 .4.3    The  Role  of  Chlorides  in  Reinforcement  Corrosion 
Concrete  will  normally  provide  a  natural  protective  barrier  against  the  corrosion  of 
reinforcing  steel.  Its  high  alkalinity  (pH  »  13.5  to  13.8)  quickly  causes  the  formation  of  a 
film  of  ferric  oxide  on  the  surface  of  the  steel  which  acts  as  a  barrier  against  corrosion  [5]. 
Laboratory  studies  have  indicated  that  steel  will  remain  passive  in  alkaline  solutions  having 
a  pH  in  excess  of  1 1.5  [6].  The  presence  of  chloride  ions  in  high  concentrations,  however, 
can  reduce  or  destroy  this  protective  mechanism  offered  by  the  concrete  and  enable  the 
steel  to  corrode.  The  concentration  of  chloride  ions  required  to  initiate  corrosion  of  the 
reinforcing  steel  is  often  called  the  "threshold  value."  The  threshold  value  was  determined 
in  research  carried  out  by  the  FHWA  [7,  8]  to  be  0.2%  by  weight  of  the  cement  content  of 
the  concrete.  For  a  typical  bridge  deck  concrete  (6  1/2  bags  of  cement  per  cubic  yard  or 
363  kg/m3),  the  threshold  value  is  1.2  lb/yd3  (0.73  kg/m3)  [6]. 

3.4.4  Half-Cell  Potentials 
As  described  earlier,  corrosion  proceeds  as  current  flows  between  two  electrodes 
having  different  electrical  potentials.  This  difference,  or  voltage,  between  the  anode  and 
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cathode  may  be  measured  using  a  voltmeter.  However,  the  difference  in  measured  voltage 
between  the  two  unstable  electrodes  (or  half  cells* )  is  not  meaningful  because  the 
electrical  activity  will  change  as  the  electrolyte  changes.  Therefore,  to  compare  readings 
on  a  standard  scale  over  a  period  of  time,  a  standard  reference  half  cell  that  remains  at  a 
constant  electrical  potential  must  be  used  [9]. 

The  reference  electrode  most  commonly  used  to  measure  the  electrical  activity  of 
steel  in  concrete  is  the  copper-copper  sulfate  half  cell.  It  consists  of  a  copper  rod 
suspended  in  a  saturated  copper  sulfate  solution  contained  in  a  plastic  tube  with  a  porous 
end  plug.  The  copper  rod  is  stable  in  the  solution  and  its  potential  remains  constant 
regardless  of  changing  conditions.  Therefore,  the  copper  rod  represents  a  half  cell  of 
constant  electrical  potential  (-0.3 16  V  at  72°  F  (22.2°  C)  as  referenced  to  the  hydrogen 
electrode). 

The  electrical  potential  of  reinforcing  steel  embedded  in  concrete  is  compared  to 
that  of  the  copper  rod  by  connecting  the  two  metals.  This  is  done  by  making  a  positive 
connection  to  the  top  mat  of  reinforcing  steel  and  by  providing  a  moisture  connection 
through  the  concrete  between  the  copper  rod  and  the  reinforcing  steel  at  the  point  where 
the  potential  value  is  determined  [9].  A  voltmeter  is  then  placed  in  the  circuit  to  measure 
the  potential  difference  (see  Figure  3.12).  The  potentials  for  uncoated  bars  are  interpreted 
according  to  the  following  empirical  guidelines  [10]: 


'  Each  electrode  is  sometimes  referred  to  as  a  "half  cell"  since  it  is  1/2  of  the  galvanic  cell. 
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•  If  potentials  over  an  area  are  more  positive  than  -0.20  V,  there  is  a  greater  than 
90%  probability  that  no  reinforcing  steel  corrosion  is  occurring  in  that  area. 

•  If  potentials  over  an  area  are  in  the  range  of -0.20  V  to  -0.35  V,  corrosion 
activity  of  reinforcing  steel  in  that  area  is  uncertain. 

•  If  potentials  over  an  area  are  more  negative  than  -0.35  V,  there  is  a  greater  than 
90%  probability  that  reinforcing  steel  corrosion  is  occurring  in  that  area. 

Half-cell  measurements  on  Bridge  #1  were  taken  both  inside  and  outside  the 
ponded  area  throughout  the  48  weeks  of  exposure  cycling.  A  3  ft  x  3  ft  grid  was 
established  within  the  ponded  area  and  grid  points  were  marked  on  the  surface  of  the 
bridge  where  the  weekly  measurements  were  taken.  Figure  3.13  shows  the  location  of 
these  points.  Half-cell  measurements  were  also  taken  at  intermediate  points 
periodically  throughout  the  test.  These  readings  were  used  to  create  Equi-potential 
contour  maps  (contour  maps  with  lines  connecting  points  of  equal  potential).  Equi- 
potential  contour  maps  are  used  to  identify  areas  of  relative  corrosion  activity. 

In  order  to  take  half-cell  potentials  for  Bridge  #1,  electrical  connections  were 
made  to  the  epoxy-coated  reinforcement  prior  to  casting  the  composite  topping.  This 
consisted  of  removing  the  epoxy  coating  at  selected  areas  of  the  bars  and  connecting  wires 
to  the  exposed  steel  using  hose  clamps. 
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The  half-cell  survey  is  sensitive  to  continuity,  and  it  is  desirable  that  all 
reinforcement  within  a  given  equi-potential  map  be  electrically  continuous.  Theoretically, 
when  epoxy-coated  reinforcing  steel  is  used,  every  bar  is  electrically  isolated.  However, 
some  tests  on  existing  structures  with  epoxy-coated  rebar  show  continuity  between  40% 
to  80%  of  the  bars  [11].  For  Bridge  #1,  electrical  interconnection  between  several  epoxy- 
coated  bars  was  ensured  by  removing  the  epoxy  coating  at  the  points  of  intersection  and 
securing  the  connection  with  plastic  cable  ties.  There  were  3  sets  of  4  interconnected 
bars  which  formed  rectangular  areas  (see  Figure  3.14).  These  interconnected  "grids"  were 
then  used  to  measure  half-cell  potentials  in  their  corresponding  vicinities. 

3.4.5  Measured  Corrosion  Current 
Macrocell  corrosion  currents  between  the  epoxy-coated  bars  in  the  CIP  slab  and 
the  uncoated  steel  in  the  prestressed  panels  were  monitored  weekly  during  the  exposure 
cycling.  This  was  done  by  measuring  the  voltage  drop  across  a  100Q  resistor  placed 
between  wires  connected  to  the  epoxy-coated  steel  and  wires  connected  to  the  uncoated 
rebar  and  strands  in  the  panels.  Figure  3.15  illustrates  this  procedure.  The  wires 
connected  to  the  epoxy-coated  bars  were  the  same  as  those  used  to  take  the  half-cell 
potential  readings.  Wire  connections  to  the  panel  reinforcement  were  secured  with  hose 
clamps  prior  to  casting  the  panels.  Voltage  drops  across  the  resistors  were  measured  at 
the  end  of  the  drying  phase  of  the  weekly  cycle.  Corrosion  currents  were  then  calculated 


22 


by  Ohm's  Law.  With  the  voltmeter  "common"  connected  to  the  panel  reinforcement, 
negative  voltages  correspond  to  positive  galvanic  current  (that  is,  the  epoxy-coated  bars 
are  anodes)  [12]. 

3.4.6  AC-Resistance 
The  electrical  resistance  between  the  epoxy-coated  bars  in  the  topping  and  the 
uncoated  reinforcement  in  the  panels  was  also  measured  using  an  AC-resistance  meter. 
This  was  also  done  weekly  using  the  same  wires  utilized  in  the  corrosion  current 
measurements.  These  "mat-to-mat"  resistance  readings  were  used  to  gain  additional 
insight  into  the  corrosion  measurements.  Initial  resistance  measurements  give  a  good 
indication  about  the  amount  of  defects  (holidays)  in  the  epoxy  coating  at  the  start  of  the 
test.  Changes  in  the  resistance  are  then  attributed  to  either  changes  in  the  concrete 
resistivity  or  additional  defects  in  the  epoxy  coating. 

3.4.7  Condition  of  Epoxy-Coated  Reinforcement 
The  original  condition  of  the  epoxy-coated  bars  in  Bridge  #1  was  evaluated  by 
checking  (10)  - 15  ft  (4.57  m)  long  bars  for  holidays  after  they  arrived  at  the  structures 
laboratory.  These  bars  had  an  average  of  1 .4  holidays  per  foot  with  a  maximum  of  3 . 1 
holidays  per  foot.  These  numbers  are  believed  to  be  reasonable  since  current  AASHTO 
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Specifications  permit  up  to  2  holidays  per  foot  by  the  manufacturer  (prior  to  shipping  and 
handling)  [13]. 

After  exposure  cycling  and  loading  to  failure,  the  epoxy-coated  rebars  in  Bridge  #1 
were  examined  for  evidence  of  corrosion.  The  bridge  area  inspected  included  the  ponded 
region  at  the  diaphragm,  where  half-cell  potentials  indicated  most  severe  corrosion. 
Reinforcing  steel  was  extracted  from  the  deck  using  a  small  air  hammer  after  saw  cuts 
were  made  between  adjacent  longitudinal  bars. 

3.4.8  Rapid  Determination  of  Chloride  Permeability  of  Concrete 
Another  test  was  conducted  relating  to  determine  chloride  permeability  of  the 
concrete  using  the  AASHTO  Standard  Test  T  277  [14].  This  procedure  involves 
monitoring  the  electrical  current  passing  through  a  2-inch  (51  mm)  thick  slice  of  a  4-inch 
(102  mm)  diameter  concrete  core  over  a  period  of  six  hours,  during  which  60  volts  DC  are 
applied  across  its  length.  During  the  test,  the  original  top  surface  of  the  concrete  is 
maintained  in  a  3%  sodium  chloride  solution  and  chloride  ions  in  solution  are  forced  to 
migrate  through  the  concrete  by  the  applied  voltage.  The  current  is  recorded  every  30 
minutes  during  the  6-hour  test  and  plotted  as  a  function  of  time.  The  area  under  the  curve 
is  the  total  charge  passed  through  the  concrete,  in  coulombs,  and  has  been  correlated  with 
permeability  results  from  90-day  ponding  tests  [15]. 
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Several  4-inch  (102  mm)  diameter  cores  were  extracted  from  both  test  bridges  to 
evaluate  the  permeability  of  the  in-place  concrete.  This  information  was  particularly 
valuable  for  Bridge  #1  with  respect  to  the  concern  about  chloride  accumulation  at  the 
interface  resulting  from  a  less  permeable  prestressed  concrete.  Also,  for  Bridge  #2,  a  new 
low-shrinkage  concrete  mix  was  used  for  the  CIP  topping  and  resulting  permeabilities 
were  of  interest. 

3.4.9  Additional  Durability  Specimens 

In  addition  to  the  durability  testing  of  Bridge  #1,  five  3  ft  x  3  ft  (0.91  m  x  0.91  m) 
composite  durability  specimens  were  fabricated  and  tested.  The  bottom  panels  for  these 
specimens  were  6  inches  (152  mm)  thick  and  were  cast  in  the  same  prestressing  bed  and  at 
the  same  time  as  the  panels  for  Bridge  #2.  Uncoated  mild  reinforcing  steel  and  strands 
were  used  in  the  bottom  panels  (see  Figure  3.16).  The  top  CIP  concrete  was  also  6  inches 
(152  mm)  thick  and  consisted  of  a  "Class  C"  concrete  mix  as  per  INDOT  designation. 
The  CIP  concrete  was  given  a  raked  finish  similar  to  that  used  in  the  ponded  region  of 
Bridge  #1. 

The  CIP  portions,  which  contained  epoxy-coated  reinforcement  having  a  1-inch 
(25  mm)  clear  cover,  were  cast  with  an  initial  "crack"  extending  through  the  entire 
topping  thickness  (see  Figure  3.17).  These  cracks  were  formed  using  a  piece  of 
corrugated  cardboard  with  corrugations  aligned  to  allow  liquid  penetration  in  the  vertical 
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direction.  These  specimens,  after  being  subjected  to  weekly  exposure  cycling,  gave 
additional  data  about  the  potential  for  chloride  accumulation  at  the  interface. 

Another  aspect  of  these  smaller  durability  specimens  is  that  they  contained  epoxy- 
coated  reinforcing  bars  with  varying  numbers  of  defects.  Each  specimen  had  #4  bars  with 
0.5%,  1%,  2%,  4%,  and  8%  damage  as  well  as  an  uncoated  bar  and  a  bar  "as  delivered" 
and  used  in  Bridge  #1.  Percent  damage  was  based  on  3/8-inch  (9.5  mm)  wide  defects. 
The  perimeter  of  a  #4  bar  is  1.57  inches  (40  mm).  With  a  36-inch  (0.91  m)  length  of  bar 
embedded  in  the  concrete,  the  total  embedded  surface  area  of  a  bar  is  then  56.5  in2  (365 
cm2).  Therefore,  a  bar  with  0.5%  damage  will  have  0.28  in2  (1.82  cm2)  of  damage.  This 
is  approximately  equal  to  a  3/4  in  x  3/8  in  (19  mm  x  9.5  mm)  wide  defect.  These 
appropriate  areas  were  marked  on  the  bars,  and  the  epoxy  coating  was  removed  using  a 
Dremel  hand-held  rotary  tool  with  a  sanding  attachment.  It  is  important  to  note  that  only 
the  epoxy  coating  at  ribbed  locations  within  the  marked  areas  was  removed  in  order  to 
reflect  typical  damage  which  would  occur  in  the  field  by  dragging  or  mishandling  bars  (see 
Figure  3.18).  Therefore,  "percent  damage"  as  described  herein  is  always  much  larger  than 
the  actual  percentage  of  steel  area  exposed. 

Figure  3.19  shows  the  sizes  and  locations  of  damaged  areas  of  the  epoxy-coated 
bars  contained  in  each  of  the  five  specimens.  The  maximum  length  of  defect  was  held  to  1 
1/2  inches  (38  mm).  Therefore,  bars  with  higher  percentages  of  damage  have  multiple 
areas  of  defects  located  on  all  sides  of  the  bars.  The  areas  shown  in  Figure  3.19  are 
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believed  to  be  the  only  locations  on  these  epoxy-coated  bars  which  contain  damage.  Prior 
to  damaging  the  coating,  all  bars  were  given  two  extra  coats  of  3M  brand  epoxy  touch-up 
paint  to  ensure  against  additional  defects.  Figure  3.20  shows  the  relative  bar  positions  as 
well  as  the  locations  of  the  defects  with  respect  to  the  pre-formed  crack. 

These  specimens  are  being  used  to  gain  additional  understanding  about  the 
potential  for  chloride  accumulation,  as  well  as  the  importance  of  epoxy-coating  defect 
sizes  on  the  long-term  corrosion  resistance  of  the  bars.  Therefore,  it  is  anticipated  that 
testing  of  these  specimens  will  continue  long  after  the  conclusion  of  this  study.  The  CIP 
composite  topping  of  these  specimens  was  cast  on  4/28/95  and  weekly  exposure  cycling 
began  on  9/14/95.  Chloride  ion  powder  samples  were  taken  after  every  12  weeks  of 
exposure.  Half-cell  potentials,  macrocell  corrosion  currents,  and  AC-resistance  readings 
were  taken  weekly  during  the  drying  phase  of  the  cycling.  These  specimens  contained  a 
series  of  electrical  switches  which  allowed  each  bar  in  the  topping  to  be  electrically 
isolated  from  all  other  bars  to  monitor  the  response  of  that  particular  bar  (see  Figure 
3.21).  Electrical  connections  to  the  reinforcement  in  these  specimens  was  made  by 
attaching  wires  to  the  portion  of  the  bars  which  extended  out  of  the  concrete. 
Connections  to  the  prestressing  strands  were  made  using  hose  clamps.  Connections  to  the 
bars  in  the  topping  were  made  by  drilling  and  tapping  a  hole  in  each  bar.  Stainless  steel 
screws  were  then  used  to  secure  the  wires  to  the  bars.  Figure  3.22  shows  the 
measurement  grid  used  when  recording  weekly  half-cell  potentials,  which  were  measured 
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with  respect  to  the  uncoated  (black)  bar,  the  "as  delivered"  bar,  and  the  bar  with  8% 
defects. 

3.5  Instrumentation 
Throughout  this  study,  numerous  measurements  of  the  response  of  the  two  test 
bridges  when  subjected  to  structural  loading  were  recorded.  A  full  description  of  these 
measurements,  and  the  instrumentation  and  procedures  used  to  obtain  them  are  included  in 
this  section. 

3.5.1  Strain  Measurements  with  Electrical  Resistance  Gages 
Electrical  resistance  strain  gages  were  used  to  measure  strains  in  concrete  and  steel 
in  both  bridge  specimens.  All  strain  gages  used  in  this  study  were  manufactured  by  Micro- 
Measurements  (a  division  of  Measurements  Group,  Inc.).  Strains  in  the  prestressed 
strands  were  measured  using  EA-06-062DN-350  type  gages,  having  a  gage  length  of  1/16 
inch  (1.6  mm).  Strain  gages  were  installed  on  a  single  wire  of  the  7-wire  prestressed 
strand.  Twelve  strain  gages  were  installed  on  the  strands  in  each  prestressed  panel.  The 
locations  were  the  same  for  each  test  bridge  and  are  shown  in  Figure  3.23.  Strain  gages 
were  installed  on  the  strands  after  they  were  stressed  to  5000  pounds  (22.24  kN). 
Following  the  installation  of  strain  gages,  the  strands  were  pulled  to  33,820  pounds 
(150.43  kN)  and  the  concrete  was  cast.  In  addition  to  the  strain  gages  on  the  strands,  two 
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gages  (type  EA-06-20CBW-120)  were  installed  on  the  top  surface  of  each  prestressed 
panel  at  midspan  after  the  concrete  had  cured  for  3  days,  but  prior  to  stripping  the  forms 
and  transfer  of  prestress.  Small  areas  of  the  top  surface  were  given  a  smooth  finish  to 
accommodate  the  installation  of  these  gages,  which  had  a  gage  length  of  2  inches  (51 
mm).  Additional  surface  gages  were  installed  on  the  underside  of  the  precast  panels  after 
they  were  moved  to  Purdue  University  and  placed  on  the  simulated  bridge  piers,  but  prior 
to  casting  the  composite  topping.  The  locations  of  these  bottom  surface  gages  are  shown 
in  Figure  3.24. 

Strain  gages  were  also  installed  on  the  epoxy-coated  reinforcing  in  the  CIP 
topping.  To  do  this,  the  ribs  of  the  bars  at  the  location  of  the  gages  were  removed  by 
sanding  with  a  1-inch  (25  mm)  wide  air-powered  belt  sander.  Load  tests  on  bars  with  and 
without  these  sanded  areas  revealed  that  the  reduction  of  the  bar  area  due  to  sanding  was 
minimal  (the  average  tensile  capacity  of  the  sanded  bars  was  more  than  99%  of  the 
original  tensile  capacity  for  both  the  #4  and  #6  bars).  Strain  gages  (type  CEA-06-125UN- 
350)  with  a  gage  length  of  1/8  inch  (3.2  mm)  were  placed  on  negative  moment 
reinforcement  at  the  center  support,  as  well  as  on  the  longitudinal  shrinkage  and 
temperature  reinforcement  at  midspan.  Figures  3.25  and  3.26  show  the  locations  of  these 
strain  gages  in  Bridge  #1  and  Bridge  #2,  respectively.  Strain  gages  of  the  same  type  were 
also  installed  on  the  transverse  #4  bars  over  the  panel  joint  near  the  actuator.  The 
locations  of  these  gages  for  both  bridges  is  shown  in  Figure  3.27.  Surface  strain  gages 
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were  also  installed  near  midspan  on  CIP  concrete  prior  to  beginning  the  cyclic  loading. 
Their  locations  are  shown  in  Figure  3.28. 

All  electrical  resistance  strain  gages  were  installed  using  adhesives  and  protective 
coatings  manufactured  by  Micro  Measurements.  M-Bond  200  adhesive  was  used  to  apply 
all  strain  gages.  Prior  to  applying  the  surface  gages,  a  thin  layer  of  M-Bond  AE-10  epoxy 
was  spread  on  the  concrete  to  fill  all  pores.  After  soldering  wires  to  the  gages,  special 
protective  coatings  were  applied  to  prevent  moisture  and  mechanical  damage.  Moisture 
barriers  consisted  of  applications  of  Micro-crystalline  wax  and  M-Coat  J.  A  final  wrap  of 
duct  tape  was  used  to  prevent  any  mechanical  damage  as  the  concrete  was  poured. 

3.5.2  End  Reactions 
The  discontinuous  end  reactions  of  each  bridge  were  monitored  throughout  the 
testing  using  load  cells.  Two  load  cells  were  placed  at  each  end  (one  per  panel) 
underneath  a  spreader  beam  assembly  (see  Figure  3.29).  The  load  cells  were  used  to 
determine  the  internal  moments  of  the  two-span,  statically-indeterminate  structure.  Load 
cell  readings  were  monitored  throughout  the  cure  period  of  the  CIP  top  slab  to  study  the 
combined  effects  of  creep  and  shrinkage.  Load  cell  readings  were  also  recorded  during 
the  cyclic  loading  phase  of  the  project,  as  well  as  during  the  final  loading  to  failure. 
During  these  loadings,  the  reactions  at  the  center  pier  due  to  the  applied  load  were 
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calculated  by  subtracting  the  additional  end  reaction  in  each  span  from  the  total  applied 
load  in  that  span. 

3.5.3  Deflections 

For  Bridge  #1,  deflections  of  the  composite  structure  were  measured  using  six 
LVDT's,  three  located  at  the  midpoint  of  each  span.  These  LVDT's  were  placed  at  the 
two  edges  of  the  bridge  and  at  center  of  the  bridge  over  the  panel  joint  (see  Figure  3.30). 
Deflection  measurements  were  taken  during  the  cyclic  loading  period  and  during  the  final 
monotonic  loading  to  failure. 

For  Bridge  #2,  deflections  of  the  prestressed  panels  because  of  the  weight  of  the 
topping  were  measured  using  both  LVDT's  and  dial  gages.  LVDT's  were  placed  below 
the  center  of  each  prestressed  panel  and  recordings  were  taken  prior  to  casting  the 
composite  slab.  Dial  gages  were  also  placed  at  2  '/2-ft  (0.76  m)  spacings  along  the  south 
face  of  each  span  and  used  to  measure  deflections  due  to  the  weight  of  the  topping.  In 
addition,  the  LVDT's  and  dial  gages  were  monitored  throughout  the  entire  cure  period  of 
the  topping.  The  dial  gages  were  also  used  to  record  deflections  during  the  cyclic  loadings 
and  during  the  failure  loading.  Midspan  deflections  were  measured  for  Bridge  #2  during 
both  the  cyclic  load  phase  and  final  loading  phase  as  done  for  Bridge  #1 .  Deflections  of 
Bridge  #2  at  the  point  load  were  also  measured  using  LVDT's  during  the  final  loading  to 
failure. 
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3.5.4  Differential  Deflection  Measurements 
Differential  deflections  between  the  two  prestressed  panels  were  measured  for 
each  bridge  during  the  final  loading  to  failure.  These  measurements  were  taken  using  an 
electronic  dial  gage  secured  to  the  bottom  of  one  panel,  which  measured  the  change  in 
distance  to  the  bottom  of  the  adjacent  panel  (see  Figure  3.31). 

3.5.5  Strand  Slip  Gages 
Prestressing  strand  slip  was  measured  at  the  discontinuous  ends  of  the  bridge  by 
attaching  dial  gages  to  the  strands  which  extended  out  of  the  panels  (see  Figure  3.32). 
The  dial  gages  were  monitored  throughout  the  cyclic  loading  and  as  the  bridge  was  loaded 
to  failure. 

3.5.6  Crack  Width  Measurements 
The  width  of  cracks  at  the  surface  of  the  concrete  in  the  negative  moment  region 
were  recorded  during  the  cyclic  loading  phase  and  during  the  failure  loading.  Crack 
widths  were  measured  using  both  an  optical  measuring  scale  (see  Figure  3.33)  with  a 
resolution  of  .001  inch  (.025  mm)  and  a  crack  comparator. 
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3.5.7  Strain  Measurements  With  a  Whittemore  Gage 
Strains  in  the  concrete  at  the  center  pier  of  Bridge  #2  were  also  measured  using  a 
Whittemore  Strain  Gage  having  a  gage  length  of  10  inches  (254  mm).  Special  stainless 
steel  pieces  with  small  bored  holes  were  fastened  to  the  concrete  using  a  rapid-set  epoxy. 
These  pieces  were  secured  in  horizontal  rows  of  four  points,  spaced  at  roughly  10-inch 
intervals  (see  Figure  3.34).  The  locations  of  the  points  were  the  following:  On  the  top 
surface  of  the  CIP  concrete;  at  the  level  of  the  epoxy-coated  steel;  1  inch  above  the 
interface;  1  inch  below  the  interface;  at  the  level  of  the  prestressing  steel.  The  Whittemore 
points  were  attached  after  the  96  hours  of  moist  curing  of  the  CIP  slab. 

Initial  readings  were  taken  after  all  points  had  been  secured.  Additional  readings 
were  then  taken  at  regular  intervals  throughout  the  cure  period,  during  the  cyclic  loading 
of  the  bridge,  and  during  the  final  loading  to  failure.  The  Whittemore  gage  had  a  precision 
of  0.0001  inches. 

3.5.8  End  Rotation  Measurements 
End  rotations  of  Bridge  #2  were  determined  during  the  failure  loading.  This  was 
accomplished  by  welding  a  steel  bar  to  the  bearing  plate  at  each  end  of  the  bridge  and 
measuring  the  deflection  of  each  bar  at  distances  of  15  inches  on  both  sides  of  the  center 
of  bearing  (see  Figure  3.35).  The  end  rotation  (in  radians)  was  then  determined  by 
dividing  the  total  deflection  (downward  deflection  on  one  side  plus  upward  deflection  on 
the  other  side)  by  30  inches. 
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3.5.9  Impact-Echo 

Impact-echo  tests  were  performed  on  Bridge  #1  after  the  5  million  cycles  of  load 
and  48  weeks  of  exposure  cycling.  Impact-echo  is  a  non-destructive  test  procedure  which 
relies  on  the  interpretation  of  surface  displacements  caused  by  resonating  compression 
waves  (P-waves).  A  stress  pulse  is  introduced  into  the  concrete  by  mechanical  impact  at 
the  surface.  Its  waves  propagate  into  the  structure  and  are  reflected  by  internal  flaws  or 
interfaces  and  by  external  boundaries.  The  waves  are  then  reflected  at  the  free  surface  and 
propagate  back  into  the  structure  to  be  reflected  again  at  interfaces  and  boundaries.  A 
transient  resonance  condition  is  established  by  the  reflection  of  the  waves  between  the 
surface  and  internal  defects  or  external  boundaries.  A  displacement  transducer  located  at 
the  surface  of  the  concrete  monitors  the  arrival  of  the  reflected  waves. 

The  frequency  of  the  wave  arrivals  is  determined  by  transforming  the  recorded 
time-domain  signal  into  the  frequency  domain  using  the  fast  Fourier  transform  technique 
[16].  Dominant  frequencies  show  up  as  peaks  in  the  resulting  amplitude  spectrum.  For  a 
solid  plate,  one  large  amplitude  peak  exists  at  a  frequency,  f,  corresponding  to  reflections 
between  the  top  surface  and  bottom  surface  (or  defect  if  one  exists).    If  the  P-wave  speed, 
Cp ,  is  known,  then  the  depth,  d,  to  an  internal  defect  or  bottom  surface  can  be  calculated 
as: 

d  =  |  (3,) 
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For  Bridge  #1,  the  P-wave  speed  was  calculated  by  taking  readings  (determining 
wave  arrival  frequencies)  outside  the  ponded  area  at  several  areas  having  a  known 
thickness.  These  readings  showed  the  wave  speed  to  vary  between  12,500  to  13,100  ft 
per  second  (3800  to  4000  m/s).  Areas  of  delaminations  within  the  ponded  region  could  be 
detected  by  monitoring  the  wave  arrival  frequencies.  An  increase  in  the  dominant 
frequency  indicates  P-waves  are  being  reflected  at  a  depth  less  than  the  through-thickness 
(i.e.  at  an  internal  void  or  delamination).  With  the  wave  speed  known,  the  depth  of  the 
delamination  could  then  be  calculated.  Figure  3.36  shows  impact-echo  tests  being 
performed  on  Bridge  #1.  The  impact-echo  tests  were  performed  by  Dr.  Randall  W. 
Poston  of  Whitlock,  Dalrymple,  Poston  &  Associates,  Inc.  Impact-echo  tests  were 
performed  at  various  places  within  the  ponded  region  prior  to  the  final  loading,  at  loads  of 
55,  100,  and  120  kips,  and  after  failure. 

3.6  Material  Properties 
The  physical  properties  of  the  concrete  and  steel  reinforcement  used  in  this  study 
were  tested  and  documented.  This  section  contains  the  results  from  these  tests,  as  well  as 
the  concrete  mix  designs  used. 
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3.6.1  Prestressed  Concrete 

The  concrete  used  in  the  prestressed  panels  of  both  bridges  was  batched  at  the 

prestressed  plant.  The  mix  design  used  was  the  standard  (6.9  bag)  mix  used  for  other 

bridge  beams  poured  at  that  plant  and  had  the  following  batch  weights  per  cubic  yard: 

Type  m  Cement  649  lbs 

Sand  1415  lbs 

Gravel  1655  lbs 

Water  208  lbs 

Mighty  150  superplasticizer  65  oz 

Daravair  air  entraining  admixture  ...  10  oz 

Daratard  retarder  15  oz 

The  concrete  for  the  panels  used  in  Bridge  #1  was  batched  on  10/26/93  and  had 
had  a  4-inch  (100  mm)  slump  and  a  6.2%  air  content.  The  temperature  at  the  time  the 
concrete  was  poured  was  64°  F  (18°  C).  After  the  panels  were  poured  they  were  covered 
with  heavy  canvas  tarps  and  allowed  to  cure  for  3  days.  Numerous  6-inch  diameter  by  12- 
inch  long  cylinders  were  cast  along  with  6  in.  x  6  in.  x  24  in.  beams  to  determine  the 
concrete's  compressive  strength  and  modulus  of  rupture  at  various  ages  throughout  the 
study.  These  properties  are  shown  in  Table  3.2.  The  prestress  force  was  transferred  to 
the  panels  on  1 1/2/93  by  cutting  the  strands  with  a  torch.  The  average  concrete  cylinder 
strength  at  the  time  of  transfer  was  5470  psi  (37.7  MPa). 

The  concrete  for  the  panels  in  Bridge  #2  was  batched  on  10/18/94  and  had  a  6- 
inch  (150  mm)  slump  and  a  6.2%  air  content.  Properties  of  this  concrete  are  listed  in 
Table  3.3.  The  prestress  force  was  transferred  to  the  panels  on  10/25/93  by  cutting  the 
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strands  with  a  torch.  The  average  concrete  cylinder  strength  at  the  time  of  transfer  was 
4700  psi  (32.4  MPa). 

3.6.2  Cast-In-Place  Concrete  for  Bridge  #1 

The  concrete  used  in  the  CIP  portion  of  Bridge  #1  was  a  "Class  A"  (6  bag)  mix 

per  INDOT  designation.  The  concrete  was  supplied  by  IMI  Materials  and  was  batched  at 

their  plant  on  South  River  Road  in  West  Lafayette,  IN.  Batch  weights  per  cubic  yard  of 

this  mix  are  listed  below. 

Type  I  Cement  564  lbs 

Sand  1340  lbs 

#8  Limestone  1800  lbs 

Water  192  lbs 

Microair  air  entraining  admixture  ...  6  oz 

Pozzolith  retarder  lloz 

The  CIP  concrete  for  bridge  #1  was  cast  on  3/28/94.  The  concrete  arrived  at  the 
Purdue  structures  lab  at  1:20  PM  and  had  a  slump  of  2  1/2  inches  (65  mm).  The  placing 
and  finishing  of  the  concrete  was  completed  by  3:00  PM.  After  the  concrete  had  taken  set 
it  was  covered  with  6  mil  visqueen  and  allowed  to  cure  for  3  days.  Table  3.4  lists  the 
properties  of  this  concrete  at  various  ages  throughout  the  study. 

3.6.3  Cast-In-Place  Concrete  for  Bridge  #2 

The  concrete  used  in  the  CIP  portion  of  Bridge  #2  was  a  "modified  Class  C"  (7 
bag)  mix  per  ENDOT  designation  and  was  poured  on  12/1 1/95.  This  was  a  mix  specially 
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designed  to  minimize  shrinkage  of  the  concrete,  and  thus  reduce  early  cracking.  Batch 

weights  for  this  mix  (based  on  a  1  cubic  yard  yield)  are  listed  below. 

Type  I  Cement  501  lbs 

Class  AFly Ash  1581b 

#23  Natural  Sand 1006  lbs  (SSD) 

#8  Crushed  Limestone  1872  lbs  (SSD) 

Water  (@134°F)  265  lbs 

Air  entraining  admixture  13  oz 

Type  F  Chemical  Admixture 118  oz 

The  mix  had  the  following  characteristics  which  theoretically  help  reduce  shrinkage: 

1.  Low  cement  content.  The  cement  content  of  this  mix  was  reduced  by  24% 
from  the  Standard  Class  C  structural  concrete  mix  by  the  addition  of  fly  ash. 

2.  High  coarse  aggregate  content  (65%,  by  weight  of  the  total  aggregate). 

3.  High-quality,  angular,  crushed  limestone  with  a  low  absorption  (0.91%). 

4.  Low  water/cementitious  ratio  (0.402). 

Fly  ash  was  used  to  reduce  the  cement  content  and  to  increase  the  slump  for 
improved  workability  and  pumping  characteristics  of  the  concrete.  The  concrete  was 
placed  over  a  period  of  1  1/4  hours.  Air  contents  taken  near  the  start  and  end  of  this  time 
were  8.8%  and  8.3%,  respectively.  Corresponding  slumps  measured  4  1/2  inches  and  4 
1/4  inches.  Relative  yields  were  1.048  and  1.040.  The  above  batch  weights  have  been 
corrected  for  over  yielding.  Table  3.5  lists  the  structural  properties  of  this  concrete  at 
various  ages. 


38 


The  casting  and  surface  finishing  was  completed  at  approximately  4:00  PM. 
However,  because  the  surface  did  not  set  for  some  time,  the  concrete  was  not  covered 
with  wet  burlap  and  plastic  until  after  10:00  PM.  The  topping  was  allowed  to  cure  for  4 
days  before  the  forms  were  stripped.  During  the  cure,  the  plastic  was  uncovered  and  the 
burlap  was  saturated  daily  with  a  garden  hose. 

Additional  beams  were  cast  to  help  estimate  the  amount  of  shrinkage  in  the  actual 
bridge.  These  measured  6inx6inx30in,  and  after  curing  they  were  placed  on  visqueen 
to  reduce  friction  and  allow  for  unrestrained  shrinkage.  Stainless  steel  "Whittemore 
points"  were  then  attached  to  3  sides  of  each  beam  and  regular  shrinkage  readings  were 
taken  over  a  period  of  several  months.  The  resulting  shrinkage  data  for  these  beams  is 
shown  in  Figure  3.37. 

3.6.4  Cast-In-Place  Concrete  for  Small  Durability  Specimens 

The  CIP  concrete  for  the  3  ft  x  3  ft  durability  specimens  was  supplied  by  EMI 

Materials  and  cast  on  4/28/95.  This  concrete  was  a  "Class  C"  (7  bag)  mix  per  INDOT 

designation  and  had  the  following  batch  weights  per  cubic  yard. 

Type  I  Cement  658  lbs 

Sand  1222  lbs 

#8  Gravel  1850  lbs 

Water  209  lbs 

Microair  air  entraining  admixture  ...  10  oz 

Pozzolith  retarder  13  oz 
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The  concrete  had  a  2  3/4"  (70  mm)  slump  and  an  air  content  of  4.75  %.  The 
surface  was  given  a  raked  finish  similar  to  the  ponded  area  of  Bridge  #1.  After  initial  set 
of  the  concrete,  the  specimens  were  covered  with  plastic  and  allowed  to  cure  for  three 
days.  This  concrete  had  a  28-day  strength  of  61 10  psi. 

3.6.5  Mild  Steel  Reinforcement 

The  epoxy-coated  reinforcement  used  in  both  test  bridges  was  supplied  by 
Midwest  Pipe  Company  in  Schererville,  IN,  where  the  epoxy  coating  was  applied.  The 
steel  bars  were  produced  by  Birmingham  Steel  Corporation  in  Bourbonnais,  IL. 
Numerous  tensile  tests  were  run  on  both  the  #4  bars  and  #6  bars.  Stress-strain  curves  of 
these  bars  are  shown  in  Figures  3.38  and  3.39,  respectively. 

Figure  3.38  shows  a  typical  stress-strain  relationship  of  the  #4  epoxy-coated  bars. 
These  bars  did  not  have  a  notable  yield  plateau  and  began  strain-hardening  almost 
immediately  after  the  yield  strain  was  reached.  Figure  3.39,  on  the  other  hand,  shows  the 
well  defined  yield  plateau  of  the  #6  epoxy-coated  bars  used  in  this  study.  These  bars  did 
not  begin  strain-hardening  until  nearly  twice  the  yield  strain  had  been  reached. 

3.6.6  Prestressed  Reinforcement 

The  prestressing  steel  used  in  this  study  was  1/2"  Special  low-relaxation  Grade 
270  strand.  The  steel  was  manufactured  by  Florida  Wire  and  Cable,  Inc.  in  Jacksonville, 
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FL.  The  mill  report  listed  the  following  properties: 


Area  0.167  in2  (107.7  mm2) 

Breaking  Load  46,818  lbs  (208,245  N) 

Load  @  1%  Extension  43,579  lbs  (193,840  N) 

Modulus  of  Elasticity  28,500  ksi  (196,508  MPa) 

Ultimate  Elongation  5.21%  (5.21%) 

Elongation  @  33,750  lbs  ...  0.00709  in/in  (.00709  m/m) 


Strands  were  tested  in  the  laboratory  by  installing  strain  gages  on  individual  wires 
as  was  done  for  the  two  bridge  specimens.  Unfortunately,  the  strands  failed  prematurely 
at  the  grips  which  held  them  in  the  testing  machine.  Partial  stress  vs.  strain  curves  for  the 
strand  are  shown  in  Figure  3.40.  The  strains  in  Figure  3.40  are  the  strains  in  the  individual 
wires  of  the  7- wire  strand  and  not  the  longitudinal  strain  of  the  strand. 

3 . 7  Summary  of  Experimental  Procedures 
This  experimental  program  consisted  of  testing  two  composite  bridges,  utilizing 
precast  prestressed  concrete  panels,  in  the  laboratory.  The  bridges  were  exposed  to  5 
million  cycles  of  service  load  prior  to  the  final  monotonic  failure  loading.  Possible 
degradation  of  these  bridges  due  to  repeated  loading  was  assessed  by  monitoring  end 
reactions,  deflections,  and  strains.  The  long-term  performance  of  this  type  of  structure 
was  also  determined  by  subjecting  one  bridge  to  48  weeks  of  durability  cycling,  consisting 
of  exposure  to  salt  water  and  heat  lamps.  During  this  time,  half-cell  potentials,  corrosion 
currents,  and  AC-resistances  were  measured  weekly.  The  influence  of  time-dependent 
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effects  (creep  and  shrinkage)  on  moments  at  the  piers  was  assessed  by  monitoring  end 
reactions  during  the  CIP  concrete  cure  period.  The  results  from  these  tests  are  included  in 
the  subsequent  chapters.  Chapter  4  covers  the  findings  pertaining  to  time-dependent 
effects. 
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Table  3. 1  Specimen  Details 


Specimen 

Prestressed  Steel 

Prestress  Ratio 

(Pp) 

Mild  Steel 

Reinforcement  Ratio 

(P) 

Bridge  #1 

0.0027 

0.0036 

Bridge  #2 

0.0014 

0.0030 

Table  3.2  Prestressed  Concrete  Properties  (Bridge  #1) 


Date 

Age  (days) 

Batch  # 

Average  Cylinder 
Strength  (psi) 

Modulus  of 
Rupture  (psi) 

11/2/93 

7 

1 

5430 

;     11/2/93 

7 

2 

5730 

11/9/93 

14 

1 

4750 

11/16/93 

21 

1 

7250 



11/23/93 

28 

1 

7440 



11/26/93 

31 

1 

7620 



5/23/94 

209 

1 

7140 

5/23/94 

209 

2 

6720 



7/6/95 

618 

1 

7030 



8/1/95 

644 

1 

6940 

820 

8/1/95 

644 

2 

6370 



Unit  weights  of  this  concrete  were  141.7  pcf  for  Batch  #1  and  142.4  pcf  for  Batch  #2. 
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Table  3.3  Prestressed  Concrete  Properties  (Bridge  #2) 


!     Date 

Age  (days) 

Batch  # 

Average  Cylinder 
Strength  (psi) 

Modulus  of 
Rupture  (psi) 

Modulus  of 
Elasticity  (ksi) 

10/25/94 

7 

1 

4560 



10/25/94 

7 

2 

6690 





11/2/94 

15 

1 

7350 



11/2/94 

15 

2 

7760 



11/8/94 

21 

1 

8020 





11/8/94 

21 

2 

9090 



11/15/94 

28 

1 

7750 



11/15/94 

28 

2 

8560 





1/27/96" 

464 

1 

8170 

840 



1/27/96* 

464 

2 

7900 

900 



3/28/96 

527 

1 

7440 

840 



3/28/96 

527 

2 

8460 

920 



4/1/96 

531 

1 

7920 



4330 

4/1/96 

531 

2 

9090 

4960         | 

'These  cylinders  and  flexure  beams  were  tested  between  1/25/96  and  1/29/96. 
Unit  weights  of  this  concrete  were  144. 1  pcf  for  Batch  #1  and  145.7  pcf  for  Batch  #2. 
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Table  3.4  Cast-In-Place  Concrete  Properties  (Bridge  #1) 


Date 

Age  (days) 

Average  Cylinder 
Strength  (psi) 

Modulus  of 
Rupture  (psi) 

3/29/94 

1 

2410 



3/31/94 

3 

3020 



4/4/94 

7 

4240 



4/11/94 

14 

5590 

560 

4/18/94 

21 

5850 

4/25/94 

28 

6150 



5/23/94 

56 

6160 



7/6/95 

465 

6100 



8/1/95 

491 

6290 

850 

The  unit  weight  of  this  concrete  was  146.7  pcf 
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Table  3.5  Cast-In-Place  Concrete  Properties  (Bridge  #2) 


Date 

Age  (days) 

Average  Cylinder 
Strength  (psi) 

Modulus  of 
Rupture  (psi) 

Modulus  of 
Elasticity  (ksi) 

12/12/95 

1 

2200 



12/14/95 

3 

3440 





12/17/95 

6 

540 

1 

12/18/95 

7 

4990 



12/25/95 

14 

5660 

610 



1/1/96 

21 

5380 





1/8/96 

28 

6300 



1/25/96 

45 

6250 

690 



2/26/96 

77 

5760 

4050 

3/28/96 

108 

5610 



3/29/96 

109 

690 



4/22/96 

133 

5730 

3430 

The  unit  weight  of  this  concrete  was  144.0  pcf 
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Figure  3.6  Raked  Finish  Being  Applied  to  the  Prestressed  Panels 
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Figure  3.7  Epoxy-Coated  Reinforcement  in  CEP  Topping 


Figure  3.8  Raked  Finish  Applied  to  CD?  Topping  at  Center  Pier 
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Figure  3.9  15%  Sodium  Chloride  Solution  Being  Pumped  Onto  Bridge  #1 


Figure  3.10  The  Ponded  Region  of  Bridge  #1 
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Figure  3.11   Bridge  #1  During  the  Drying  Phase  of  the  Exposure  Cycling 
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Figure  3.17  Initial  Pre-Formed  Crack  in  3  ft  x  3  ft  Durability  Specimens 


Figure  3.18  Typical  Damage  to  Epoxy  Coating  at  Ribbed  Locations  of  Bars 
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Figure  3. 19  Damaged  Areas  of  Epoxy  Coated  Bars  in  3  ft  x  3  ft  Durability  Specimens 
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Figure  3.21   3  f t  x  3  ft  Durability  Specimens  with  Electrical  Switches  Used  to  Isolate  Bars 
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Figure  3.29  Spreader  Beam  on  Two  Load  Cells  at  Panel  Ends 


Figure  3.30  LVDTs  Used  to  Measure  Deflections  at  Midspan 
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Figure  3.31   Differential  Deflection  Measurements  Using  an  Electronic  Dial  Gage 


Figure  3.32  Dial  Gages  Used  to  Measure  Strand  Slip  at  End 
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Figure  3.33  Measuring  Crack  Widths  with  an  Optical  Measuring  Scale 


Figure  3.34  Whittemore  Points  at  the  Center  Pier  of  Bridge  #2 
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Figure  3.35  Dial  Gages  Used  to  Determine  End  Rotations  of  Bridge  #2 


Figure  3.36  Impact-Echo  Testing  of  Bridge  #1 
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CHAPTER  4  -  TIME-DEPENDENT  EFFECTS 

4.1  Introduction 

In  composite  construction  using  precast  sections,  the  precast  members  are  often 
cast  several  months  before  they  are  installed  in  the  field.  Consequently,  most  of  the 
concrete  drying  shrinkage  in  these  members  will  have  occurred  before  the  composite  CIP 
concrete  is  cast.  As  the  fresh  CIP  concrete  cures,  its  shrinkage  will  then  be  partially 
restrained  by  the  precast  members  to  which  it  has  been  bonded.  For  simple-span 
construction  where  member  ends  are  free  to  rotate,  this  restraining  force  will  cause  the 
composite  section  to  deform  as  indicated  in  Figure  4.1.  However,  in  the  case  of 
continuous  construction,  the  continuous  ends  are  not  allowed  to  rotate  and  a  negative 
restraint  moment  is  produced.  The  corresponding  deformed  shape  of  a  two-span  bridge, 
neglecting  gravity  effects,  is  shown  in  Figure  4.2.  For  an  actual  two-span  bridge,  the 
result  is  a  decrease  in  the  reactions  at  the  discontinuous  ends  and  an  increase  in  the 
reactions  at  the  center  pier. 

Concrete  drying  shrinkage  is  to  a  large  extent  a  reversible  phenomenon.  If 
concrete  is  saturated  with  water  after  it  has  shrunk,  it  will  expand  to  almost  its  original 
volume.  Therefore,  alternating  drying  and  wetting  conditions  will  cause  alternating 
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volume  changes  of  the  concrete.  This  phenomenon  is  partly  responsible  for  fluctuating 
deflections  of  concrete  structures  exposed  to  seasonal  changes  each  year  [17]. 

The  effect  of  creep  due  to  prestressing  will  usually  have  the  opposite  effect  as  that 
due  to  differential  shrinkage  between  the  precast  panels  and  CIP  topping.  For  prestressed 
concrete  bridge  members,  the  center  of  the  prestress  force  usually  lies  below  the  neutral 
axis  of  the  section.  This  eccentricity  of  force  causes  the  members  to  bow  upwards 
(commonly  referred  to  as  camber)  and  will  produce  rotations  at  the  member  ends.  This 
camber  will  generally  increase  with  time  due  to  creep  of  the  concrete  under  the  sustained, 
eccentric  prestressing  force.  When  these  members  are  made  continuous  in  the  field, 
additional  end  rotations  due  to  creep  are  restrained  and  positive  moments  result  at  the 
interior  piers. 

Also,  for  continuous  construction  using  precast  concrete  members,  forces  resulting 
from  the  restraint  of  creep  deformations  due  to  gravity  loads  acting  on  the  precast 
members  will  be  in  the  same  direction  as  the  forces  which  would  be  produced  if  the  same 
loads  had  been  applied  after  the  structure  was  made  continuous  [18].  Thus,  the  restraint 
of  creep  deformations  due  the  weight  of  the  precast  panels  and  CIP  topping  will  produce 
negative  moments  at  interior  piers. 

4.2  PCA  Method 
The  Portland  Cement  Association  (PCA)  conducted  experimental  and  analytical 
research  to  determine  the  long-term  effects  of  creep  and  shrinkage  at  the  continuous 
support  of  a  two-span  composite  bridge  (see  Mattock  [18]).  This  investigation  was  later 
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extended  by  Freyermuth  [19],  who  proposed  a  procedure  for  the  design  of  continuity 
connections  between  adjacent  precast  prestressed  girders  in  multi-span  bridges.  As 
suggested  by  both  Mattock  and  Freyermuth,  the  uniform  differential  shrinkage  moment  in 
a  composite  concrete  section  at  any  time  is  given  by: 

Ms  =  esEdAdfec+-j  (4.1) 

where 

£.       =  differential  shrinkage  strain  (assumed  uniform  over  the  thickness  of  the  slab) 

Ed      =  modulus  of  elasticity  of  CIP  concrete 

Ad     =  cross-sectional  area  of  CIP  slab 

h        =  CIP  slab  thickness 

ec       =  distance  between  top  of  precast  member  and  centroid  of  composite  section. 

The  restraint  moment  at  the  center  support  of  a  two-span  continuous  bridge  is  then 
calculated  as: 

Mr=(|Mp-Md](l-e-)-|Ms[i^]  (4.2) 

where 

M„  =  moment  caused  by  the  prestressing  force  about  the  centroid  of  the  composite  member 

Ma  =  the  mid-span  moment  due  to  dead  load 

e      =  the  base  of  the  Naperian  Logarithms  (2.7183) 

<j>      =  ratio  of  creep  strain  to  elastic  strain  at  the  time  of  interest. 
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Equation  4.2  shows  that  the  total  restraint  moment  at  the  pier  is  equal  to  the  sum 
of  the  three  components  of  shrinkage,  dead  load  creep,  and  creep  due  to  prestress.  In  this 
equation,  the  shrinkage  moment  and  the  moment  caused  by  the  eccentric  prestressing 
force  are  each  multiplied  by  the  factor  (3/2).  This  is  the  multiplier  used  to  obtain  the 
moment  at  the  center  support  of  a  two-span  continuous  beam  due  to  an  applied  uniform 
moment  and  is  derived  in  Figure  4.3.  The  moment  due  to  dead  load,  on  the  other  hand, 
only  has  a  multiplier  of  1.  This  is  because  the  moment  at  the  center  support  of  a  two-span 
beam  with  uniform  loading  in  both  spans  is  equal  to  the  midspan  moment  of  a  uniformly 
loaded  simply  supported  beam  of  equal  span  length.  The  restraint  components  due  to 
dead  load  and  prestressing  are  then  multiplied  times  the  factor  (1-e"*),  which  is  equal  to 
zero  when  (()  is  zero  and  increases  with  increasing  values  of  <)>.  The  component  due  to 
differential  shrinkage  is  multiplied  by  the  factor  (l-e^AJ),  which  is  equal  to  one  when  <}>  is 
zero  and  decreases  with  increasing  values  of  <)>. 

Mattock  concluded  that  the  deformations  due  to  creep  and  differential  shrinkage 
did  not  influence  the  ultimate  load-carrying  capacity  of  the  continuous  girders  considered 
in  the  study,  and  that  the  influence  of  creep  and  shrinkage  is  restricted  to  deformations  and 
the  possibility  of  cracking  at  the  service  load  leveL 

4.3  CTL  Method 
Another  method  for  the  analysis  of  precast  prestressed  beams  made  continuous 
was  developed  by  Oesterle,  Glikin,  and  Larson  [20]  at  the  Construction  Technology 
Laboratory  (CTL).  This  method  takes  into  account  the  stiffness  and  length  of  connection 
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at  the  continuous  supports.  Also,  the  equation  used  to  calculate  moments  due  to 
shrinkage  accounts  for  restraining  action  by  the  precast  members  and  by  the  steel 
reinforcement  in  the  CIP  slab.  The  computer  program  BRIDGERM  was  developed  at 
CTL  to  calculate  time-  dependent  restraint  moments  for  multi-span  bridges  using  precast 
prestressed  members. 

The  analysis  in  BRIDGERM  is  conducted  by  superimposing  incremental  restraint 
moments  over  a  series  of  time  intervals.  For  each  time  step,  the  three  components  of  the 
restraint  moment  (differential  shrinkage,  creep  due  to  dead  load,  and  creep  due  to 
prestress)  are  calculated  using  the  rate  of  creep  method.  The  rate  of  creep  method 
assumes  that  the  rate  of  creep  dejdt  is  known  and  that  the  creep  after  time  T  is  given  by: 

T 


creep  =  I  — -dt 


(4.3) 


The  calculated  increment  of  restraint  moment  is  then  added  to  the  sum  at  the  preceding 
time  step  to  determine  the  restraint  moment  at  the  end  of  an  interval.  Different  time- 
dependent  functions  for  creep  and  shrinkage  of  both  the  prestressed  concrete  members 
and  CIP  slab  were  used. 

BRIDGERM  uses  the  following  equation  to  calculate  the  incremental  moment  due 
to  differential  shrinkage: 


AM,  =  ■  ;  ,,  d,     ,|  ec  -*-  —  ]( |^A 


1  +  - 


p    p 


Edi^d  , 


where 


(4.4) 
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AEsi      =   [£sdi-£sd(i-l)]-[eSpi-£sp(i-l)] 

Esdi      =  shrinkage  strain  in  CIP  slab  at  time  ti  (modified  for  the  effect  of  restraint  by  the  steel 

reinforcement  using  the  formula  suggested  by  Dischinger  [21]) 
espi      -  shrinkage  strain  in  prestressed  member  at  time  tj 
Ep       =  modulus  of  elasticity  of  the  prestressed  member 
Ap       =  cross- sectional  area  of  the  prestressed  member 

Edi      =  modulus  of  elasticity  of  CIP  concrete  at  time  ti 
Aj       =  cross-sectional  area  of  CIP  slab 

h         =  CIP  slab  thickness 

ec        =  distance  between  top  of  precast  member  and  centroid  of  composite  section. 

The  first  part  of  Equation  4.4  is  similar  to  that  used  in  the  PC  A  method,  with  modification 
for  use  in  a  time-step  calculation  procedure.  The  second  part  of  this  equation  is  a 
reduction  factor  that  accounts  for  the  restraining  effect  that  the  prestressed  member  has  on 
the  shrinkage  of  the  CIP  slab.  This  reduction  factor  was  not  used  in  the  PCA  method. 
Restraint  moments  due  to  differential  shrinkage,  dead  load  creep,  and  prestress  creep  are 
then  calculated  using  the  PCA  approach  (Equation  4.2),  with  appropriate  modifications 
for  a  time-step  implementation.  For  the  calculation  of  restraint  moments  due  to  prestress- 
induced  creep,  the  prestress  force  is  adjusted  at  each  time  step  to  account  for  losses  due  to 
shrinkage,  creep,  and  relaxation.  This  is  done  by  estimating  the  prestress  loss  occurring 
during  each  time  step  using  the  procedure  recommended  by  the  PCI  Committee  on 
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Prestress  Losses  [24].  The  stress  in  the  prestressed  strand  at  the  end  of  each  time  step  is 
then  equal  to  the  stress  at  the  beginning  of  the  time  step  minus  the  losses  occurring  during 
that  interval. 

4.4  Experimental  Determination  of  Restraint  Moments 
The  reactions  at  the  discontinuous  ends  of  each  test  bridge  were  monitored 
throughout  the  cure  period  (50  days  for  Bridge  #1  and  44  days  for  Bridge  #2).  For  a  two- 
span  bridge  with  simply  supported  ends,  the  restraint  moment  at  the  center  pier  is  equal  to 
the  change  in  end  reaction  times  the  span  length  (20  ft.  for  the  test  bridges).  This  is 
illustrated  in  Figure  4.4.  End  reactions  were  monitored  approximately  daily  for  Bridge  #1 
and  at  1/2-hour  intervals  for  Bridge  #2.  Values  of  the  end  reactions  for  Bridge  #1  and 
Bridge  #2  during  the  cure  periods  are  listed  in  Tables  4. 1  and  4.2,  respectively.  These 
values  are  also  graphed  in  Figures  4.5  and  4.8,  respectively. 

4.4.1  Restraint  Moments  in  Bridge  #1 
Figure  4.5  shows  that  the  end  reactions  in  Bridge  #1  decreased  rapidly  during  the 
first  few  days  and  then  stabilized.  This  decrease  corresponds  to  a  negative  restraint 
moment  at  the  interior  support,  indicating  that  differential  shrinkage  and  creep  due  to  dead 
load  are  the  dominant  time-dependent  effects  occurring  during  this  period.  This  figure 
also  shows  a  slight  increase  in  the  reaction  between  days  one  and  three.  This  is  believed 
to  have  been  caused  by  the  curing  procedure  used. 
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After  the  CIP  concrete  had  set  (day  zero),  the  entire  bridge  was  covered  with 
visqueen.  The  visqueen  extended  to  the  floor  and  created  a  condition  which  allowed  the 
underside  of  the  panels  to  be  warmed  due  to  the  heat  of  hydration  of  the  CIP  topping. 
This  did  not  represent  actual  field  conditions,  however,  where  the  panel  bottoms  would  be 
exposed  to  the  environment.  After  one  day,  the  bottom  of  the  visqueen  was  adjusted  to 
allow  air  flow  beneath  the  panels,  better  representing  conditions  in  the  field.  The  increase 
in  the  end  reactions  between  days  one  and  three  is  believed  to  be  due  to  a  thermal  bowing 
effect,  where  the  panels  tend  to  camber  upward  due  to  the  cooling  of  the  underside.  This 
bowing,  and  corresponding  end  rotations,  is  resisted  by  the  continuity  connection  at  the 
center  pier,  creating  a  positive  restraint  moment  and  a  corresponding  increase  in  end 
reaction. 

Figure  4.5  shows  two  other  large  changes  in  end  reactions  (between  days  13  and 
14,  and  between  days  18  and  20).  These  changes  correspond  to  observed  cracking  in  the 
CIP  concrete  deck.  On  day  14  of  the  cure  period  a  transverse  crack  was  observed  which 
extended  completely  across  the  bridge.  The  crack  was  located  at  the  west  support  point 
of  the  center  pier.  From  Table  4.1,  the  west  restraint  moment  at  day  13  was  94  kip-ft. 
This  corresponded  to  a  top  fiber  stress  of  490  psi  (3.4  MPa)  based  on  gross  section 
properties.  Two  flexure  beams,  made  from  the  CIP  concrete  used  in  Bridge  #1,  were 
tested  on  day  14  and  had  moduli  of  rupture  of  520  psi  (3.6  MPa)  and  600  psi  (4. 1  MPa). 
A  second  transverse  crack  occurred  near  the  east  support  point  of  the  center  pier  and  was 
noticed  after  day  20  of  the  cure  period.  The  large  change  in  the  east  end  reaction  shown 
in  Figure  4.5  corresponds  to  this  crack.  It  is  evident  that  the  observed  cracks  were 
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flexural  cracks  due  to  the  negative  restraint  moments  at  the  center  support.  The  cracking 
reduced  the  stiffness  at  the  center  pier  and  the  restraint  moments  decreased.  The  locations 
of  the  two  cracks  are  shown  in  Figures  4.6  and  4.7. 

4.4.2  Restraint  Moments  in  Bridge  #2 
Figures  4.8  shows  that  Bridge  #2  behaved  similarly  to  Bridge  #1,  with  the 
exception  of  the  response  during  the  first  day.  Figure  4.8  shows  a  rapid  increase  in  the 
end  reaction  during  the  first  10  hours  after  casting.  The  initial  increase  is  believed  to  be 
due  to  a  temperature  differential  between  the  CIP  topping  and  the  precast  panels. 

The  temperature  of  the  CEP  concrete  in  Bridge  #2,  which  is  plotted  in  Figure  4.9, 
was  measured  during  the  cure  period  by  placing  a  temperature  probe  in  the  wet  concrete. 
The  concrete  temperature  at  the  time  of  placement  was  about  60°  F  (16°  C)  and  increased 
to  84°  F  (29°  C)  within  18  hours  due  to  the  surrounding  air  temperature  and  hydration  of 
the  cement.  This  was  likely  larger  than  the  temperature  at  the  bottom  of  the  panels, 
causing  a  thermal  bowing  which  was  resisted  by  a  positive  restraint  moment  and  increased 
end  reactions.  This  restraint  moment  was  relieved  as  the  increase  in  the  CIP  concrete 
temperature  slowed,  and  the  resulting  differential  decreased. 

A  similar  increase  in  end  reactions  may  also  have  occurred  in  Bridge  #1,  but  would 
not  have  been  detected  from  daily  readings.  During  the  cure  period  of  Bridge  #2,  end 
reactions  were  recorded  every  half  hour  during  the  first  week  and  hourly  for  the  remainder 
of  the  testing.  This  allowed  for  the  detection  of  the  initial  increase.  If  readings  had  been 
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taken  only  once  per  day  during  the  cure  period  of  Bridge  #2,  as  was  done  for  Bridge  #1, 
the  initial  increase  in  end  reactions  would  not  have  been  observed. 

After  the  initial  increase,  the  end  reactions  decreased  until  day  5  and  then 
stabilized.  The  first  crack,  which  extended  transversely  across  the  entire  bridge  near  the 
east  support  point  of  the  center  pier,  was  noticed  on  day  6.  Another  crack  was  observed 
at  the  west  support  at  the  center  pier  the  following  day.  Two  additional  transverse  cracks, 
each  located  about  one  foot  away  from  the  first  two  cracks,  were  noticed  on  day  13. 
These,  and  other  cracks  occurring  during  the  cure  period  of  Bridge  #2,  are  shown  in 
Figures  4. 10  and  4. 1 1. 

The  negative  restraint  moment  at  the  west  support  point  of  the  center  pier,  prior  to 
cracking  on  day  5,  was  73  kip-ft.  This  corresponded  to  a  top  fiber  stress  of  380  psi  (2.6 
MPa)  based  on  gross  section  properties.  Two  flexure  beams,  made  from  the  CEP  concrete 
used  in  Bridge  #2,  were  tested  on  day  6  and  had  moduli  of  rupture  of  5 10  psi  (3.5  MPa) 
and  570  psi  (3.9  MPa).  These  numbers  suggest  that  the  cracks  were  likely  caused  by  the 
combined  effects  of  concrete  drying  shrinkage  and  flexure. 

4.5  Comparison  of  Experimental  Restraint  Moments  with  Predicted  Results 
Restraint  moments  for  each  bridge  were  calculated  using  both  the  PCA  method 
and  the  CTL  method  (with  the  program  BRIDGERM).  These  methods  are  dependent  on 
the  ultimate  shrinkage  and  creep  coefficients  of  the  concrete  and  on  the  relationship  of 
shrinkage  and  creep  with  time.  The  time-dependent  relationships  of  shrinkage  and  creep 
have  been  studied  by  many  researchers,  and  various  models  of  these  relationships,  with 
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varying  degrees  of  complexity,  have  been  proposed.  The  studies  have  revealed  the 
difficulty  in  accurately  predicting  these  relationships,  as  there  is  considerable  scatter  in 
data  pertaining  to  identical  concrete  mixes.  For  this  reason,  it  was  believed  that  a  simple 
model  of  these  relationships  would  suffice. 

One  of  the  simplest  expressions  was  used  by  Corley  and  Sozen  [22]  and  assumes 
the  time-dependent  relationships  for  creep  and  shrinkage  are  the  same.  For  periods  of  less 
than  2  years,  the  proportion  "R"  of  the  total  time-dependent  effect  occurring  at  time  t  (in 
days)  is  obtained  from  the  expression: 

R  =  0.131n(t+1).  (4.5) 

This  model  was  used  in  the  following  calculations  for  the  relationships  of  shrinkage  and 
creep  with  time.  Shrinkage  strains  for  the  OP  concrete  used  in  Bridge  #2  were  measured 
using  a  Whittemore  gage.  These  measurements  were  made  on  three  small  beams  cast  at 
the  time  of  the  CEP  topping,  and  the  results  are  shown  in  Figure  3.37.  A  curve  was  fit 
through  the  mean  values  for  these  beams  using  the  above  expression  and  a  strong 
correlation  was  found  (see  Figure  4.12).  This  relationship  assumes  a  shrinkage  strain  at  2 
years  of  0.00082  and  was  used  in  the  PCA  method  of  analysis  .  The  ultimate  shrinkage 
strain  of  the  precast  concrete  was  assumed  to  be  0.00060.  Program  BRIDGERM  uses 
different  time-dependent  relationships  for  shrinkage  and  creep  as  recommended  by  ACI 
Committee  209  [23].  In  this  BRIDGERM  program,  an  ultimate  shrinkage  strain  of 
0.00090  was  used  for  the  OP  concrete  in  both  bridges.  In  both  analyses,  the  ultimate 
creep  coefficients  for  Bridge  #1  and  Bridge  #2  were  assumed  to  be  2.1  and  2.3, 
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respectively.  These  values  were  estimated  from  relationships  recommended  in  reference 
[23]  based  on  temperature  and  relative  humidity. 

Air  temperature  and  relative  humidity  near  the  center  of  each  bridge  were 
monitored  during  the  cure  period.  For  Bridge  #2,  monitoring  began  at  the  conclusion  of 
the  moist  cure  (after  4  days).  Figures  4.13  and  4.14  show  the  air  temperature  and  relative 
humidity,  respectively,  during  the  cure  period  of  Bridge  #1.  The  average  temperature 
during  this  time  was  77°  F  (25°  C)  and  the  average  relative  humidity  was  34%.  Figures 
4.15  and  4.16  show  the  corresponding  data  for  Bridge  #2.  The  average  temperature 
during  the  cure  period  of  Bridge  #2  (after  moist  curing)  was  76°  F  (24°  C)  and  the 
average  relative  humidity  was  14%.  These  average  values  of  temperature  and  relative 
humidity  were  used  to  calculate  the  ultimate  creep  coefficients. 

Values  of  the  prestress  force  at  the  time  of  continuity  connection  were  estimated 
using  the  "Recommendations  for  Estimating  Prestress  Losses"  prepared  by  the  PCI 
committee  on  Prestress  Losses  [24].  The  estimated  strand  stresses  were  177  ksi  (13% 
losses)  for  Bridge  #1  and  181  ksi  (11%  losses)  for  Bridge  #2  just  prior  to  casting  the  top 
slab.  These  stresses  increased  due  to  the  weight  of  the  CIP  concrete  and  were  estimated 
at  179  ksi  and  183  ksi,  respectively,  immediately  after  the  topping  was  cast.  These  values 
were  then  used  in  the  calculation  of  restraint  moments  due  to  prestress-induced  creep. 

Figures  4.17  and  4.18  plot  the  observed  restraint  moments  with  those  predicted  by 
the  PCA  and  CTL  methods  for  Bridge  #1  and  Bridge  #2,  respectively.  The  figures  show 
that  both  methods  considerably  over-estimate  the  negative  restraint  moment.  For  each 
bridge,  the  PCA  estimated  moment  is  higher  than  the  CTL  moment.  This  is  because  the 
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PCA  method  calculates  the  shrinkage  moment  based  on  differential  "unrestrained" 
shrinkage  values,  while  the  CTL  method  considers  the  restraining  effects  of  the  precast 
members  and  the  steel  in  the  CIP  topping.  Neither  method,  however,  considers  the  effect 
of  cracking  in  the  calculation  of  restraint  moments.  These  methods  were  developed  from 
studies  of  continuous  bridges  using  pretressed  girders,  in  which  the  CIP  slab  thickness  is 
only  a  small  fraction  of  the  composite  depth.  For  bridges  using  full-span  precast  panels, 
however,  the  slab  thickness  is  a  significant  percentage  of  the  composite  depth  (50%  for 
the  two  bridges  tested).  Therefore,  cracking  that  occurs  in  the  CIP  slab  at  the  piers  of 
these  bridges  gready  reduces  the  stiffness  of  the  section  and  the  corresponding  restraining 
moments.  Oesterle,  et  aL  [20]  recommend  that  the  design  negative  restraint  moment  be 
limited  to  125%  of  the  calculated  cracking  moment  in  the  case  where  BRTDGERM- 
calculated  negative  restraint  moments  become  excessive. 

4.5.1  Modified  PCA  Method 
The  author  has  developed  a  modified  form  of  the  PCA  method,  which  accounts  for 
the  length  and  stiffness  of  the  diaphragm  (due  to  cracking)  as  well  as  the  restraint  of  CIP 
concrete  shrinkage  by  the  precast  panels  and  reinforcement  in  the  CTP  topping.  This 
method  estimates  the  differential  shrinkage  moment  using  Equation  4.1,  multiplied  by  the 
following  factors  to  account  for  restraint  by  the  precast  member  and  reinforcement  in  the 
CIP  slab. 
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Ep  and  Ap  are  the  modulus  of  elasticity  and  area  of  the  prestressed  panels.  Es  and  As  are 
the  modulus  of  elasticity  and  area  of  the  steel  reinforcement  in  the  CIP  deck.  Ed  and  Aj 
are  the  modulus  of  elasticity  and  area  of  the  CIP  deck  at  the  time  of  interest.  The 
derivation  of  these  restraint  factors  is  shown  in  Figure  4.19. 

This  method  also  considers  the  length  of  the  continuity  connection  and  the  effects 
of  cracking  by  modifying  Equation  4.2  as  follows. 
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la      =  moment  of  inertia  of  the  diaphragm  region  (area  between  support  points  at  the 

center  pier) 
La     =  length  of  the  diaphragm  region 
Im     =  moment  of  inertia  of  the  main  spans 

Luj    -  length  of  the  main  spans. 

a  is  a  coefficient  which  accounts  for  the  relative  stiffnesses  of  the  diaphragm 
region  and  main  spans.  All  other  variables  are  the  same  as  in  Equation  4.2.  The  PCA 
method,  which  assumes  a  knife-edged  support  at  the  center  pier  and  a  constant  member 
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stiffness,  uses  a  value  of  a  equal  to  one.  For  a  two-span  bridge  having  20-ft.  spans,  a 
distance  between  center  bearing  points  of  1.5  ft.,  and  a  constant  EI  (see  Figure  3.1),  the 
value  of  a  is  0.90.  This  is  the  value  used  for  the  two  test  bridges  prior  to  cracking. 

The  effect  of  cracking  is  modeled  by  checking  the  restraint  moment  obtained  using 
Equation  4.5  with  the  calculated  cracking  moment  at  that  section  for  each  time  of  interest. 
Once  the  calculated  restraint  moment  exceeds  the  cracking  moment,  the  restraint  moments 
are  re-calculated  using  a  new  value  of  a  which  accounts  for  the  reduced  stiffness  at  the 
cracked  section  (diaphragm  region).  Once  cracking  occurs,  all  subsequent  calculations  are 
based  on  the  new  value  of  a. 

The  value  of  a  used  after  cracking  was  based  on  a  two-span  bridge  with  a  stiffness 
Ig  within  the  main  spans  and  Icr-top  between  the  center  supports  (Ig  is  the  moment  of 
inertia  of  the  gross  section;  Icr-top  is  the  moment  of  inertia  based  on  a  crack  depth  equal 
to  the  thickness  of  the  CIP  topping).  The  section  between  the  center  supports  was 
assumed  to  be  cracked  to  a  depth  equal  to  the  topping  thickness  since  most  cracking 
during  the  cure  phases  extended  through  the  full  depth  of  the  CIP  slab  and  then  stopped. 
For  Bridge  #1,  Icr-top  was  equal  to  0. 15  Ig  and  the  corresponding  value  of  a  was  0.57. 
For  Bridge  #2,  Icr-top  was  equal  to  0.19  Ig  and  a  was  0.63.  The  moduli  of  rupture  used 
in  the  calculations  were  7.5  and  6  times  the  square  root  of  the  CIP  concrete  compressive 
strength  (f  c)  for  Bridge  #1  and  Bridge  #2,  respectively. 

Figures  4.20  and  4.21  plot  the  observed  restraint  moments  with  those  predicted 
using  this  modified  PCA  approach  for  Bridge  #1  and  Bridge  #2,  respectively.  Figure  4.20 
shows  a  good  correlation  between  estimated  and  observed  restraint  moments  for  Bridge 
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#1,  in  both  magnitude  and  anticipated  time  of  cracking.  The  modified  PC  A  method 
predicted  initial  cracking  on  day  16,  while  actual  cracking  was  observed  on  day  14.  This 
method  overestimated  the  change  in  moment  associated  with  cracking,  however,  by  a 
factor  of  nearly  two. 

Figure  4.21  demonstrates  a  strong  correlation,  up  to  the  point  of  cracking, 
between  the  actual  test  data  for  Bridge  #2  and  the  response  calculated  using  the  modified 
PCA  method.  The  modified  PCA  method  predicted  a  considerable  decrease  in  negative 
moment  due  to  cracking,  and  predicted  that  negative  moments  would  increase  with  time 
after  the  initial  reduction  due  to  cracking.  However,  neither  of  these  behaviors  was 
observed  for  Bridge  #2.  Instead,  negative  moment  increased  steadily  until  cracking  then 
remained  essentially  constant  during  the  rest  of  the  cure  period.  The  corresponding  CTP 
concrete  shrinkage  beams  showed  that  the  top  concrete  continued  to  shrink  at  an 
approximately  steady  rate  until  about  day  20  of  the  cure  period  (see  Figure  3.37). 

This  phenomenon  can  be  explained  by  considering  the  typical  moment-curvature 
relationship  of  reinforced  concrete  beams  as  shown  in  Figure  4.22.  Initially,  the  member 
responds  to  shrinkage-induced  curvatures  based  on  the  stiffness  of  the  gross  section  plus 
the  transformed  area  of  reinforcement.  After  cracking,  however,  there  is  a  transition 
between  the  initial  stiffness  and  that  based  on  the  cracked,  transformed  section.  During 
this  transition  region,  the  response  of  the  member  to  increasing  curvature  will  depend  on 
an  incremental  stiffness  which  is  less  than  that  of  the  cracked,  transformed  section  and  can 
approach  zero.  Thus,  after  cracking  and  before  yielding  of  the  reinforcement,  increases  in 
member  curvature  may  not  be  coupled  with  significant  increases  in  moment. 
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A  distinctive  characteristic  of  Bridge  #2  is  the  number  of  cracks  which  occurred 
during  the  cure  period.  This  is  best  seen  by  comparing  the  cracking  of  Bridge  #2  with  that 
of  Bridge  #1  (see  Figures  4.6  and  4.10).  Bridge  #1  had  essentially  two  transverse  cracks 
occur  during  the  CEP  concrete  cure  period,  while  Bridge  #2  had  about  eight  transverse 
cracks  occur  during  approximately  the  same  time  interval.  These  additional  cracks,  which 
opened  throughout  the  cure  period,  decreased  the  stiffness  of  the  negative  moment  region 
and  may  also  explain  why  restraint  moments  in  Bridge  #2  were  nearly  constant  after  initial 
cracking. 

The  increased  cracking  which  occurred  in  the  CIP  topping  of  Bridge  #2  was 
probably  the  result  of  concrete  drying  shrinkage.  The  "modified  Class  C"  concrete  used 
for  the  topping  exhibited  substantially  more  shrinkage  than  expected.  While  the  water 
content  of  265  pounds  per  cubic  yard  and  the  extremely  high  dosage  of  Type  F  chemical 
admixture  were  necessary  to  provide  a  pumpable  mix,  the  presence  of  these  constituents 
may  have  served  to  offset  the  other  mix  characteristics  aimed  at  reducing  shrinkage  [48]. 
Figure  4.16  shows  that  the  CIP  concrete  in  Bridge  #2  was  exposed  to  relative  humidities 
between  10  and  20  percent  after  the  initial  wet  curing.  These  low  humidities  would  also 
increase  the  amount  of  concrete  drying  shrinkage  and  accelerate  its  occurrence. 

It  is  important  to  note  that  for  both  bridges  tested,  the  maximum  negative  restraint 
moments  during  the  cure  period  occurred  prior  to  cracking.  This  suggests  that  the 
presence  of  cracking  stops  the  growth  of  the  restraint  moments  due  to  differential 
shrinkage.  Therefore,  bridges  which  crack  at  an  earlier  age  (such  as  Bridge  #2)  will  have 
lower  restraining  moments  than  bridges  that  crack  at  a  later  age  (such  as  Bridge  #1). 
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Figures  4.23  and  4.24  show  the  results  of  the  modified  PCA  method,  with  restraint 
moments  held  constant  after  cracking,  for  Bridges  #1  and  #2,  respectively.  This 
assumption  results  in  a  reasonable  model  of  the  behavior  exhibited  by  both  bridges. 

4.6  Displacement  Measurements  During  the  Cure  Period  of  Bridge  #2 
Midspan  deflections  of  each  prestressed  panel  were  monitored  for  Bridge  #2 
during  the  cure  period  using  LVDT's  and  are  plotted  in  Figure  4.25.  Deflections  sharply 
decreased  during  the  first  12  hours  after  casting,  and  then  began  increasing.  This  supports 
the  assumption  of  a  thermal  bowing  effect  in  which  the  panels  bow  upward  due  to  a 
temperature  gradient  and  the  corresponding  deflections  decrease.  Deflections  remained 
somewhat  constant  between  days  2  and  5,  and  then  increased  after  day  5  (when  cracking 
first  occurred). 

In  addition  to  midspan  deflections,  displacements  were  also  measured  along  the 
south  edge  of  Bridge  #2  during  the  cure  period  using  dial  gages  spaced  at  2'-6"  (0.76  m) 
on  center.  Displacements  at  several  time  intervals  are  graphed  in  Figure  4.26.  These  also 
show  increasing  deflections  (negative  displacements)  with  time.  This  is  due  to  both  dead 
load  creep  and  differential  shrinkage.  After  cracking  of  the  OP  concrete,  the  negative 
restraint  moment  did  not  increase.  This  means  that  additional  differential  shrinkage  was 
not  restrained  by  additional  moments  at  the  pier  and  resulted  in  an  increase  in  deflection  in 
a  similar  manner  to  that  shown  in  Figure  4. 1. 
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4.7  Whittemore  Gage  Measurements  During  the  Cure  Period  of  Bridge  #2 
Throughout  the  cure  period  of  Bridge  #2,  mean  strains  were  measured  using  a 
Whittemore  Gage,  having  a  gage  length  of  10  inches.  The  readings  were  taken  on  both 
faces  of  the  bridge  at  the  center  pier.  Figure  4.27  shows  the  locations  where  readings 
were  taken.  The  points  were  secured  to  the  face  of  the  bridge  immediately  after  the  moist 
curing  ended  (after  96  hours).  The  points  were  located  on  the  top  surface,  at  the  level  of 
the  #6  bars  in  the  CIP  topping,  1  inch  above  and  below  the  interface,  and  at  the  level  of 
the  prestressed  steel 

The  three  10- inch  gage  readings  at  each  depth  were  then  averaged  to  determine 
the  mean  strains  occurring  over  a  30-inch  gage  length  at  that  leveL  Figures  4.28  and  4.29 
show  these  mean  strains  plotted  versus  time  throughout  the  cure  period  on  the  north  and 
south  faces,  respectively.  Mean  strains  on  the  north  side  are  considerably  higher  than  the 
corresponding  strains  on  the  south  side.  This  is  because  of  the  cracking  in  that  region. 
One  of  the  transverse  cracks  fell  within  the  Whittemore  points  on  the  north  side  of  the 
bridge  but  outside  of  these  points  on  the  south  side.  These  figures  show  that  the  strains  at 
each  level  grew  with  time.  This  occurred  without  an  increase  in  the  restraint  moment  at 
the  pier,  and  it  is  consistent  with  the  explanation  given  in  section  4.5.1.  These  figures  also 
indicate  that  the  neutral  axis  during  this  period  was  located  in  the  precast  portion  of  the 
bridge.  This  is  expected  since  the  CIP  topping  was  still  young,  having  a  modulus  of 
elasticity  less  than  that  of  the  prestressed  panels. 

These  strains  were  plotted  about  the  depth  of  the  bridge  to  give  the  mean  strain 
distributions  acting  at  the  pier  at  various  times.  These  strain  distributions  are  shown  in 
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Figures  4.30  and  4.31.  In  these  figures,  the  actual  mean  strains  have  been  represented  by 
straight  lines  determined  from  linear  regression  analyses.  These  strain  distributions  clearly 
show  that  curvatures  at  the  pier  continued  to  increase  throughout  the  entire  cure  period. 

4.8  Summary  of  Time-Dependent  Effects 
The  modified  PCA  method  is  more  accurate  than  the  PCA  and  CTL  approaches  in 
estimating  the  magnitude  of  the  restraint  moments  for  both  test  bridges.  The  failure  of  the 
PCA  method  to  account  for  restraint  of  shrinkage  due  to  the  precast  elements  and  steel 
reinforcement  leads  to  an  overestimation  of  early  shrinkage  moments.  Also,  neither  model 
accounts  for  cracking,  which  reduces  the  magnitude  of  the  restraint  moments  and  the  rate 
at  which  additional  restraint  moments  develop.  While  the  modified  PCA  method 
improved  the  estimation  of  the  restraint  moment  magnitudes,  it  overestimated  the  change 
in  moments  due  to  cracking  and  the  ability  of  the  moments  to  increase  after  cracking.  For 
both  specimens  tested,  negative  restraint  moments  due  to  differential  shrinkage  and  creep 
due  to  dead  load  were  largest  prior  to  cracking.  A  reasonable  model  of  the  specimen 
behavior  was  obtained  using  the  modified  PCA  method  before  cracking,  and  then 
assuming  moments  due  to  differential  shrinkage  remain  unchanged  after  cracking. 
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The  restraint  moments  at  the  center  pier  of  a  two-span  bridge  due  to  a  uniform  moment 
can  be  found  using  the  principle  of  superposition, 


■UNIFORM    MOMENT.    M 


O O 0 

I L/2 1 1/2 1 


1 .    Remove  center  support. 


fm.  *~m 


2.    Determine  applied  force  to  return  deflection  to  zero. 


o 


The  restraint  moment,  Mr  is  then 

Mr 


D" 


'3M/L 


-L/2- 


A  = 


ft?      ML2 


8        8EI 


PL3       ML' 
A  = 


48EI      8EI 
6M 

Thus,  the  corresponding  end  reactions  are  each  P     3M 

2=~L~ 


2U(V\         3 


MB  =— -  -   =--M 


3")  x   R"   L  \2 


2 


Figure  4.3  Calculation  of  Restraint  Moment  Due  to  Uniform  Applied  Moment 
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p  = 


Change  in 
End  Reaction 


m(^™ 


i 


t 


L  =  Span  Length 


Max.  Moment  =  PxL 


Figure  4.4  Relationship  of  Restraint  Moments  to  Measured  Changes  in  End  Reactions 
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DATE   Of  CRACK   OCCURANCE   AFTER   CASTING 
#1    -    14    DAYS 
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NORTH    ELEVATION 


PIER 
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Figure  4.7  Cracking  During  the  OP  Concrete  Cure  Period  of  Bridge  #1  (Elevations) 


107 


0) 

E 

h- 

0) 

i_ 

^— s, 

3 

o 

to 

0) 

O) 

T— 

c 

CM 

*«■ 

Q. 

c 

Q. 
O 

o 

CO 

H 

CO 

O 

Q. 

O) 

T 

{- 

o 

'a. 

Q. 

0) 

> 

o 

c 

g 

o 

CD 

+■1 

U) 

o 

■o 

0 

CD 

m 

■D 

C 

UJ 

o 


2  o 

CLh 

co   >» 

V 

CO 

3 

•o 

o 

CO 

•4-* 

CO 

u 

o 

c 
o 

CD 

U 

o  g 

& 

™o5 

CJ 

CD 

£ 

00 

c 

1- 

•n 

3 

Q 

—    o 


CO  CNJ  t-  O  O)  CD 

(sd;>|)  uoipeay  pug 


oo 
•o 

•c 

PQ 

<*- 
o 

•o 
o 

•c 


c 
_o 

o 

C 

w 

oo 
■<* 

s 

S 


108 


in 


£ 

3 

o 

o 
o 

ES 

CO    o 

(I)     03 

*-  £ 

CO  .E 

»-     Q. 

O    o. 

1° 

C    CN 

<D  -o 

*-»    c 

0   CD 

o 

c 
o 
o 


o 
m 


ts 

% 

V 

o 

t 

•c 

s 

"O 

o 

•c 

a 

CO 

Oh 

>» 

V 

OS 

l_ 

3 

o 

CO 

(0 

O 

i 

•c 

CD 

s 

o 

Q 

c 

u 

o55 

i 

CM    <D 

at 

E 

ex 

i- 

V 

H 

V 

■*-» 

u 

S 

o 

c 

o 

o 

U 

& 

U 

On 

■f' 

V 

u 

3) 

o 

E 

in 
oo 


o 

oo 


10 


o 


IT) 
CD 


(d  S99J68Q)  ajnjejsdujai 


o 

CD 


109 


O 
00 

•a 

•c 

CQ 
<*- 
o 
■a 

o 
•c 

cu 

2 

3 

o 


o 

c 
o 
U 

& 
U 


■2 

3 

Q 
eo 

c 

12 
o 

2 
o 


u- 


110 


<t 

PIER 


ETra 


DATE    OF   CRACK    OCCURANCF.    AFTER   CASTING  \A       p|N    SUPP0RTS 

#1=5   DAYS 

#2  =   6  OArs 

m.i*  =  13  oats 


NORTH    ELEVATION 


PIER 


#*       #2     #2  #1  13 


HTH 


DATE    OF   CRACK    OCCURANCE   AFTER   CASTING  NA       p|K|   SUPP0RTS 

#1    =    5   DAYS 
#2    =    6  DAYS 
HI.)*    -    13    DAYS 


SOUTH    ELEVATION 


#3  #1  #2  i*  I 

I     /   Z    I    i    ■  1 


Figure  4. 1 1  Cracking  During  the  CIP  Concrete  Cure  Period  of  Bridge  #2  (Elevations) 


111 


o 


V) 

> 


CM 

;g 

CO 


C 

"(5 


CO 


T3 
03 
CO 

D 
0) 

O   © 

o)  b 
re  c 

.£  o 
C  o 
'Z  9= 
-C  o 
CO 


CD 

O 

T"* 

* 

^■^K 

^— 

CO 

+ 

£ 

CO 

C 

0) 

* 

CD 

lO 

CO 

CM 

M— 

II 

o 

CO 

CD 

O) 

D) 

CO 

CO 

XL 

i_ 

c 

1    $  1 

'l_ 

T  ll 

.c 

(0 

H — ' — I 


O 


O 
CM 


O 
O 


o  w 

CO    >» 
CO 

•a, 
CDH 


O 

"3" 


o 

CM 


o 

UJ 


CM 

o 
o 
o 


CO 

o 
o 
o 


o 
o 
o 


10 

o 
o 
o 


CD 

o 
o 
o 


o 
o 
o 

d 


mejis  painsee|/\| 


=8: 
U 
60 

13 

•n 
CD 

c 


o 
U 

& 


S 

eg 


Q 
E 

V 

CQ 
u 

8> 


oo 

3 

o 

J2 

3 

u 


112 


© 

3 

o  e 

O  oo 

CNJ 

©    CO 

.1     § 

§.* 

§1 


o 


o 


oo 


(j  S99j6aa)  9JniBjaduu9i 


o 

CD 


% 

V 

00 

•a 

•c 

o 

03 

<*■ 

O 

•a 

o 

•c 

V 

Oh 

'ST 

£ 

>s 

3 

CO 

u 

o  ■© 

u 

00  ^ 

u 

u. 

"eo 

u 

(0 

§ 

O 

O 

<D 

& 

O 

u 

c 

V 

o^ 

43 

CNJ    CD 

c° 

E 

•c 

3 

H- 

Q 

V 

u 

2 

CO 

b. 

3 

O 

a. 

E 

^~ 

S 

H 

ha 

3 

d 

1— ' 

•* 

V 

u 

o 

§> 

E 

113 


o  ~ 

W    00 

d>  cn 

E  w 

.—    c 

K° 
■  "So 

§o 

S    £ 

b  a 

e£ 

X  * 

CD 

O    o) 
>  S 


J5 

O 
tt 


CO 


o 


o        o        o        o        o        o 
r^-        co        in        ^        co        cnj 

(%)  AjipiujnH  aAj;B|ay 


=»fc 

© 

00 

"O 

•n 

o 

03 

Cm 

^ 

O 

•o 

o 

•c 

4> 

Oh 

y™** 

V 

CO 

u< 

>N 

3 

CO 

o 

o  ^o 

V 

CO  ^ 

2 

■*-> 

M 

CO 
CO 

o 

c 
o 

o 

U 

CD 

& 

o 

CJ 

c 

U 

o55 

CM    CD 

E 

•n 

3 

i- 

Q 

£> 

•»■* 

r° 

3 

o 

ffi 

7^ 

0) 

j> 

"£2 

ed 

"o 

Pi 

"<9- 

1— c 

■*' 

V 

o 

ha 

5> 

s 

114 


f~\ 

IT) 

-     O 

3  _ 
w    0) 

*-  ^ 

^ N 

O  J 

(0 

<D  cnj 

CO 

£  c 

-05, 

CO  ^ 

i=2 

V) 
CO 

■  5S 

o 

>£ 

(D 

o 

c 

si 

-   o"> 

3    £■ 

CM    O 

+*  s- 

E 

2h° 

F 

a>  csi 

Q.*fc 

0    "O 

-  o 

%m 

< 

. 

o 

III 

c 

D                          O                          O                          C 

D 

c 

o                  oo                  r^                  a 
(j  S99J69Q)  9jn}ej9diu9i 

D 

c-i 

=tt 

a> 

00 

•o 

•c 

CQ 

(M 

o 

•o 

o 

•n 

<u 

0* 

n> 

u 

3 

o 

o 

+-* 

u 

Ui 

o 

c 

o 

CJ 

& 

U 

o 

js 

#^ 

oo 

£ 

•5 

3 

Q 

o 

1 

5 

u- 

U 

o. 

S 

u 

H 

u. 

5 

«/-> 

^^ 

■* 

V 

Im 

3) 

E 

115 


^ 

tN 

-o3 

•c 

o 

-   o 

a 

Cm 

t 

O 

'     ^__ 

o 

•c 

u 

0H 

o  ^ 

tn 

£ 

30 
ist  (day 

3 

u 

i=  g 

s 
5 

c 

ity  vs. 

ng  (Cast 

CO 

O 
CO 

o 

c 

-   o^> 

o 
U 

& 
O 

.2 

"O     Q. 

CM    <D 

00 

■—     Q. 

E 

"5 

i  ° 

F 

3 

Q 

5a 

1 

®  & 

>    T3 

-  o 

•  MM          »^— 

V 

*■»     <^ 

> 

w  m 

'U 

0) 

a: 

3 

— 

SO 

- 

"fr 

i       i       i       I       i       i       i 

V 

c 

i       i       i       i       i       i       i 

D                  O                  O                  O                  C 

o 

3 

.1 

^                   CO                   CM                  t- 

Uh 

(o/0)  A^pjtunH  9A!JB|9y 

116 


-   o 

CO 


o 
in 


o 


CO 

co 

c 


_c 

'■*-• 
CO 
CO 

CM   CD 

c 
CO 
CD 

E 
F 


-    o 


co 

CD 

1- 

s~"' 

"O 

c 

O 

(0 

.c 

Q. 

co 

CD 

2 

CO 

_l 

0 

O 

1 

1 

^^^ 

CO 

o 

1- 

■D 

>—"' 

O 

c 

jr 

m 

Q. 
CO 

CD 

2 

*-* 

CO 

< 

CO 

O 

LU 

Q. 

t 

1 

o 
in 


o 
o 


o 

lO 


o 
o 

CN 


O 
ID 
CN 


O 
O 
CO 


O 

in 

CO 


(U-6\y\)  juawoi/M 


60 

•c 

s 

O 

| 


o 


< 

o 

00 

c 


3 

CO 

U 

I 

> 


C 

£ 

o 

s 

3 


3 

c 


Q 


£ 

•c 
« 

J 


1- 

e 


117 


CO 

CO 

Q 
o> 

? 

ii 

O) 

CM   < 

&s 

•—     CO 


m 


CO 
CO 

O 

O) 

C 

'o. 

Q. 
O 

I- 


o 

CO 


-    o 


+  o 

CO 


P3 

Q 

C 

"q. 


o 

h- 

"So 

CD 

oU 

CM    CD 
O 

GO 

0 

E 


-    o 


CO 

0 

1- 

s""' 

"O 

c 

o 

03 

.c 

Q. 
CO 

CO 

_i 

(1> 

O 

1 

1 

CO 

CD 

H 

"O 

>w' 

O 

c 

-C 

m 

n 

CD 

CO 

i> 

CO 

< 

CO 

O 

LU 

Q. 

t 

1 

o 
o 


o 
o 

CM 


O 
O 
CO 


o 
o 

"3" 


(U-d|>l)  juawo|/\| 


8 

a, 

-o 

•c 
6 


1 


u 

§ 
< 

u 

Oh 
00 

c 


u 

en 
W 

3 

3 


c 

E 

o 


118 


•  sh  " 


UNRESTRAINED    SHRINKAGE 


RESTRAINING    MEMBER- 


CONCRETE 
Ee  Ac 


X    =    ACTUAL   SHRINKAGE 
OCCURANCE 


The  stresses  in  the  restraining  material  and  the  concrete  are 


m  m      m  ni 


By  equilibrium  of  forces 


which  can  be  rewritten 


fc=Uh-x)Ec 


c       c  mm 


f  = 


f_A. 


Substitution  of  Equations  (4)  and  (1)  into  Equation  (2)  gives 

7 =  («*-x)Ee 


EmAm 
ECAC 


-&.  +x  =  0 


)1+fx"i  : 


X  = 


EmAm 
1  +    m    m 


E.A. 


1  + 


ecac; 


(1) 

(2) 

(3) 
(4) 

(5) 
(6) 
(7) 
(8) 


Figure  4. 19  Derivation  of  Shrinkage  Reduction  Factor 


119 


CO 

>» 

CO 
Q 

co 
m 

II 

CD 

o> 

T-     < 

•It    "55 

O  Ql 
■O    c 

m  | 

10 

CD 
O 
a> 

c 

Ql 
Q. 
O 

H 


' 

Modified  PCA  Method 
West  Span  (Test) 
East  Span  (Test) 

j 

11 

-i — i 

t^^~ 

i       1 

1 

h 1 1 1 

— i — i — i — 

o 
in 


o 


c/> 

>» 

CD 


co  "• 

h- 

O) 

175 
co 

8  a) 
o 

c 


CO 
CD 

E 

H 


o 

CN 


O 
CNJ 


O 


o 

CD 


O 
CO 


O 
O 


O 


(y-dpi)  iuaiuoiAi 


Method 

PCA 

Modifiec 

S 
*s 

D 

Calculated 

Values 

1 

Restraint  Moments 

s 

Q 

Experimentally 

o 

■*■ 

1 

120 


i 1 1-     o 

T3 

in 

o 

JE 

CD 

«-*                s— V 

2 

CD           W 

CO 

Q 

05 

<      ! 

o 

Q_ 

T3 

CD         ( 

t bpan  ( 1 1 
Span (Te 

40 
(Days) 

T~ 

jt 

O) 

II 

CD 

+  !l  i 

>    1     LU 

C 

-  s'a 

CM   < 

K 

«tfc    q) 

11                 f 

O) 

<D    g 

W      i 

c 

M—> 

D)  Q. 

\\                      d 

CO 
CO 

Brid 

When 

[ 

-    OO 

i 

7             P 

CM    (D 
O 

c 

"55 

CO 

CO 

CD 

O 

E 

CJ) 

c 

\fl 

-    oH 

"Q. 

T~ 

r> 

O 

1- 

1 

1      ■      i 

~^^^^ 

i      |      i      |      i      [      i 

o 

o       o       c 

D          O          O          O          C 

D         O 

CM                        C 

si          "*•          CD          CO          C 

3          CM 

1                           1                           1                       T 

■*- 

(U-dl>|)  JU9LUQl/\| 

% 

e 

o 

J3 

I 

< 

U 

Dm 


•a 

o 

s 

c 


o 

■a 
u 

CO 

V 

3 

•a 
> 

•a 
c 
« 

CO 

« 

£ 
o 


2 

s 


Q 


i 


121 


-e- 


U 

« 


cS 

<*- 
O 

o. 

« 
§ 

! 
I 

■a 

I 

I 


=5      >s 


O 


122 


4) 

60 

•a 

■c 

e 


U 


5 


U 

o 


o 


U 

« 
'■S 
o 


c 

I 

I 

•a 


£ 


c 

E 

•c 

u 
g" 

W 

en 

I 


123 


<a 
oo 
-a 
■C 


oo 


% 

<U 

« 

o 
o 
2 

00 

c 


o 


< 

U 

« 

I 


c 

I 

•a 


£ 


c 
£ 

s- 

w 
S 


■ 


124 


CD 

-  o 

0 

"53 

c 

"fr 

E 

1M« 

CO 
Q_ 

h- 

1 

o 

1 

Cur 

:tions 

co  >» 

CO 

D)  0 

c 

CO 

3, 

.=     CD 

Q_ 

(0 

o.o 

CO 

Q.  c 

o 

31 

CD 

CD 

-  o£ 

9:1 

0 

™co 

i   ^\  \ 

c 

CD 

O   : 

CO 

Q. 

E 

.1  2*1 

A  \\\ 

i— 

0)  * 

:  \  \\\ 

I 

>    0) 

!    \    \\\ 

1 

ion 

Bridg 

lO 

-   o 

o 

v\ 

"CD 

c 

0 

\ 

CO 

Q. 

1 

0) 

1 1 

Q 

i       i       i       i       i            — -~^*"^fc=T      i 

1 

i       i       i       1       i       i             ,       i      i       i      | 

o 

^ 

r             co             cnj             r- 

o 

c 

5            d            ©            d 

(S8L|0U|)  uoipaiiSQ 

cs 

=tfc 
<u 

00 


o 

•c 

<o 

cu 

<U 

l_ 

3 

U 

<u 

s 

o 

c 
o 
U 

& 
O 

oo 

c 

•c 

3 

Q 


o 

Q 


S 


125 


+■» 

O 

k. 

o 
c 
o 
o 

O 

o 
o 

< 

> 

c 

Q> 

E 
© 
o 

Q. 
0) 

Q 


o 


o 

CO 


Q) 
CD 
LL 

<D 

CM  J 

"go 


CO 

>. 
(0 

Q 

"3" 


CO 

cc 

Q 
o 

CM 


CO 
>. 

CO 

Q 


-   o 


lO  T-  If) 

9      d      -: 
o        ■       o 

I  I  i 

(S9L|0U|)  lU9LU90B|dS!a 


CM 

ID 

CO 

O 

i 

CM 

o" 

O 

CO 

CO 

Q 

CO 


CO 

CO 

Q 

a 
d 


« 

00 

•a 

•c 

e 

•a 
o 
•c 

u 

a, 


3 

u 


g 

o 
U 

& 

u 

9 

•c 

3 

Q 


U3 
O 


c 

I 

o 

Ou 


I 


126 


=tfc 

s 

s 


u 


c 
■3 


O 

o 

•<r 
I 


9         9 


127 


r-   © 

>  CD 
C  b 
CO  ^ 

is 

to  * 

(D    CD 

i— 
CD 


O 
IT) 


O 


CO 

o  o 
CO  "S 

u. 

o 

c 
o 

o 


CM  if 
o 

CD 

< 


—   o 


o 

lO 

o 
o 

d 


o 
o 

o 
o 

b 


o 

ID 

o 
o 
o 

d 


o 
o 
o 
o 
o 


o 

IO 

o 
o 
o 

d 


U|BJ1S 


CD 

O 

CO 

t 

CD 

C 

CD 

> 

O 

.Q 

< 

T- 

+ 

0 

CD 

CO 

CD 

(0 

CD 

(0 

CD 

CO 

0) 

Q. 

CD 

i_ 

O 

Ql 

4 

t 

CD 

O 

CO 

t 

CD 

CD 

O 

C 

CO 

"~ ■ 

t 

$ 

3 

o 

CO 

CD 

o.  a 

o 

_ 

I- 

T— 

1 

{ 

128 


CD      CD 

H   a) 

.     CD 

>  e> 

.—    CO 

CO   ~ 

k.     0) 
**    T5 

CO  to 

"O  ^ 

•   2 

V.     o 
3  W 

%% 

0     CD 

■S      CD 

i_ 

m 


o 
in 

o 
o 


o 
o 

o 
o 


o 
in 


o 


CO 

o  o 

CO    q> 

o 

c 
o 

o 

Q_ 

CM  if 

o 

CD 
CD 
< 


-    o 


CD 

O 

CO 

t 

CD 

C 

CD 

> 

O 

JD 

< 

T- 

t 

CD 

CD 

CO 

CD 

</J 

CD 

CO 

CD 

CO 

i_ 

(0 

Q. 

CD 

u. 

O 

Q_ 

1 

t 

CD 

O 

CO 

•e 

CD 

4— ' 

O 

C 

CO 

"~ 

t 

^ 

3 

o 

CO 

CD 

q.  a 

o 

- 

h- 

T- 

♦ 

I 

129 


U) 

T- 

o 

o 

co 

d 

Q 

T 
^r 

o 

\ 

l_ 

^~ 

3 

-    o 
o 

6 

CO 

CL   o> 

CO 

—    c 

! 

Q 

o  3 

U)  CD 

o 

CM 

+ 

CO 
CO 

Durin 

30"  Gag 

0.000E 
Strain 

| 

52  <d 

Q 

c  ■§ 

o 

O  co 

*~ 

■  M 

\ 

t2  •= 
3  t 

o 

■Q  -2 

I 

■—  z 

-M    CNI 

(0  * 

CO 
CO 

Q   co 

i 

Q 

■o 

m 

CO 

C   = 

o 

+ 

"c5m 

r-\ 

a> 

o 

0> 

s 

"3 

o 

(0 

00 

i— 
U 

a 

«— > 
oo 

3 
00 

2 

s 

U 

a. 
o 

i 

> 
o 

on 
U 

H 

X> 

< 

o 
u 
CQ 

4>* 

V 

o 

OS 

5 

o 


<o 

00 

-a 

•c 

CQ 

«*- 
o 

O 

■c 

4) 

Cu 


3 

u 

■*-» 

o 

c 
o 
U 

& 
U 
eo 

c 
•n 

3 

Q 

VI 

C 

_o 

3 

•c 
ts 

5 
c 
'3 

S 
I 

o 
en 


130 


to 

■**" 

o 

o 

(0 

d 

5k 

CO 

Q 

o 

I 

1m 

t- 

3 

o 
o 

d 

CO 

5k 

CL    en 

CO 

—    c 

Q 

o  ^ 

O 

ra  o 

CM 

1 

CO 

5K 

CO 

Q 

s  Durin 

e  (30"  Gag 

0.0005 
Strain 

C    -D 

o 

O  co 

T- 

INM 

1 

3  3 

^^<^- 

o 

.Q   o 

^N> 

"--^   ^"^"l 

stri 

#2S 

! 

]N 

^  ■ 

co 

CO 

LJ     O) 

: 

1 

N 

Q 

—  -o 

io 

CO 

C  ™ 

o 

1 

W130 

O 

u 

o 

In 

CO 

o 

"o3 
u 

CO 

I— 

tu 

03 

"o3 

■«-' 

CO 

d 

i 

3 
CO 

2 

3 

03 

03 

O 

1 

> 
o 

£ 

03 

H 

X) 

< 

o 
S3 

CQ 

03 

Oh 

o 

fa 


3 
O 

s-^ 
<S 
% 
1> 

-a 
•c 

CQ 

Cm 

o 

■a 

o 
•c 


3 

u 

<u 
tfi 

u. 
O 

c 
o 
U 

& 
U 

oo 

c 
■c 

3 

Q 

CO 

C 

_o 

3 


Q 

c 

2 

*-» 
CO 

I 


131 


CHAPTER  5  -  RESPONSE  TO  SUPERIMPOSED  LOADING 

5.1  Introduction 
At  the  conclusion  of  the  cure  period,  each  test  bridge  was  subjected  to  5  million 
cycles  of  superimposed  service  loading  by  two  hydraulic  actuators  (one  per  span), 
followed  by  a  monotonic  loading  to  failure.  Prior  to  beginning  the  cyclic  loading,  the 
bridges  were  loaded  statically  several  times  and  measurements  were  taken  in  order  to 
determine  the  upper  and  lower  load  levels  to  be  used  during  the  cyclic  phase.  The 
behavior  of  each  bridge  during  these  loadings  is  reported  in  section  5.2. 

5.2  Initial  Loadings  of  Bridge  #1 
Bridge  #1  was  initially  loaded  to  20  kips  per  span  on  5/17/94,  after  50  days  of 
curing.  Measurements  of  applied  load,  end  reactions,  strains,  and  midspan  deflections 
were  recorded  at  one-kip  increments  during  the  loading  and  unloading  stages.  Two  large 
transverse  cracks  in  the  CIP  topping,  in  addition  to  those  observed  during  the  cure  period, 
occurred  during  this  first  loading.  The  first  crack  occurred  at  a  load  of  13  kips  and  was 
located  on  the  south  side  of  the  deck,  just  west  of  the  center  pier.  The  second  crack, 
occurring  at  about  19.9  kips,  was  located  at  the  diaphragm  and  extending  across  the  entire 
width  of  the  bridge.  These  two  cracks  are  shown  in  Figures  5.1  and  5.2,  along  with  the 
cracks  which  occurred  previously  during  the  cure  period. 
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5.2.1   Continuity  Moments 

The  continuity  moments  (restraint  moments  at  the  center  pier)  were  determined,  by 
statics,  from  the  values  of  the  discontinuous  end  reactions  and  the  applied  load  in  each 
span.  The  values  of  the  continuity  moments  during  the  initial  loading  of  Bridge  #1  are 
shown  in  Figure  5.3.  The  initial  moments  were  -87  kip-ft  and  -80  kip-ft  at  the  east  and 
west  sides  of  the  center  pier,  respectively.  Figure  5.3  shows  that  the  magnitude  of  the 
continuity  moments  increased  with  increasing  load  until  cracking.  As  a  result  of  cracking 
at  13  kips,  the  continuity  moments  went  from  -118  kip-ft  to  -1 13  kip-ft  on  the  east  side  of 
the  pier  and  from  -112  kip-ft  to  -104  kip-ft  on  the  west  side  of  the  pier.  These  moments 
again  increased  with  increasing  load  until  cracking  at  19.9  kips.  This  cracking  reduced  the 
moment  magnitudes  from  -122  kip-ft  and  -113  kip-ft  on  the  east  and  west  sides  of  the  pier 
at  19  kips  of  applied  load  to  -90  kip-ft  and  -94  kip-ft  on  the  east  and  west  sides  of  the  pier 
at  20  kips  of  applied  load.  After  unloading,  the  restraint  moments  were  -43  kip-ft  on  both 
sides  of  the  pier.  Thus,  the  initial  loading  (and  resulting  cracking)  of  the  bridge  reduced 
the  moments  due  to  the  restraint  of  time-dependent  deformations  by  roughly  50%. 

Figure  5.4  shows  the  change  in  continuity  moments  during  the  initial  loading  for 
Bridge  #1  compared  with  the  values  predicted  by  the  models  used  in  the  PC  A  method,  the 
CTL  method,  and  the  modified  PCA  method.  The  PCA  method  assumes  a  knife-edged 
support  at  interior  piers  and  a  constant  member  stiftness.  The  CTL  method  also  assumes  a 
constant  member  stiftness,  but  accounts  for  the  length  of  the  diaphragm.  The  modified 
PCA  method  accounts  for  both  the  length  of  the  diaphragm  and  the  reduced  stiftness  of 
the  diaphragm  due  to  cracking.  These  three  models  are  illustrated  in  Figure  5.5.  For 
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superimposed  loading,  the  CTL  method  is  identical  to  the  modified  PCA  method  with  a 
diaphragm  stiflhess  equal  to  that  of  the  main  spans. 

Figure  5.4  shows  that  the  increase  in  continuity  moments  during  the  first  loading, 
and  before  cracking,  falls  between  the  values  predicted  by  the  CTL  method,  having  a 
constant  member  stiflhess,  and  the  modified  PCA  method  with  the  moment  of  inertia  of 
the  diaphragm  equal  to  the  cracked  transformed  moment  of  inertia  (Icr).  After  cracking, 
however,  the  actual  continuity  moments  are  well  below  the  moments  predicted  by  all  three 
methods.  This  is  because  the  additional  cracking  releases  part  of  the  restraint  moment 
which  was  previously  carried  by  the  concrete  in  tension.  The  result  is  an  apparent 
diaphragm  stiffness  which  is  less  than  Icr. 

Figure  5.6  shows  the  changes  in  continuity  moment  during  the  second  loading  of 
Bridge  #1 .  The  figure  shows  that  these  continuity  moments  can  be  predicted  by  using  the 
modified  PCA  method  with  a  diaphragm  stiffness  between  Icr  and  Icr-top,  where  Icr-top 
is  the  moment  of  inertia  of  the  section  calculated  assuming  a  crack  depth  equal  to  the 
depth  of  the  CIP  topping.  This  is  because  there  were  no  additional  cracks  which  opened 
since  the  first  loading.  All  subsequent  loadings  prior  to  the  cyclic  loading  period  produced 
similar  continuity  moments. 

5.2.2  Midspan  Deflections 
Midspan  deflections  of  Bridge  #1  were  measured  at  the  center  of  the  bridge  (over 
the  panel  joint),  and  at  each  edge.  Figures  5.7  and  5.8  show  the  measured  deflections  in 
the  east  and  west  spans,  respectively,  for  the  initial  loading  of  Bridge  #1.  These  figures 
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show  that  deflections  increased  at  a  near  constant  rate  until  cracking.  Deflections 
increases  slightly  due  to  the  crack  at  13  kips  and  considerably  due  to  the  crack  which 
opened  up  at  19.9  kips.  These  figures  also  indicate  that  the  deflections  due  to  the  20  kip 
applied  load  were  essentially  the  same  across  the  width  of  the  bridge.  In  these  figures,  the 
northwest,  southwest,  northeast,  and  southeast  LVDTs  were  at  the  edge  of  the  bridge  and 
the  east  and  west  LVDTs  were  located  at  the  center  of  the  bridge.  These  uniform 
deflections  indicated  the  entire  width  of  the  slab  is  effective  in  resisting  the  applied  load. 
Figures  5.7  and  5.8  also  show  that  the  deflections  associated  with  cracking  remained  in  the 
structure  after  unloading.  This  permanent  deformation  was  about  0.03  inches  for  the  west 
span  and  about  0.025  inches  for  the  east  span. 

Figure  5.9  shows  a  comparison  of  the  measured  displacements  due  to  the  initial 
loading  with  those  predicted  by  the  models  previously  discussed.  As  expected,  the  PCA 
and  CTL  methods,  which  use  gross  section  properties,  underestimated  the  actual 
deflections  as  the  load  increased  and  more  cracking  occurred.  The  proposed  modified 
PCA  method,  which  uses  a  reduced  stiffness  at  the  diaphragm  region,  was  better  at 
predicting  the  deflections  but  still  underestimated  the  deflection  at  maximum  load.  This  is 
because  the  restraint  moment  at  the  pier  decreased  with  cracking.  In  section  5.2. 1  it  was 
noted  that  the  magnitude  of  the  restraint  moments  decreased  from  87  kip-ft  and  80  kip-ft 
at  the  east  and  west  faces  of  the  pier  to  43  kip-ft  at  both  faces  during  the  initial  loading. 
For  deflection  calculations,  this  is  equivalent  to  applying  positive  moments  at  the  center 
pier  of  44  kip-ft  and  37  kip-ft  at  the  east  and  west  sides,  respectively.  Figure  5.10 
illustrates  this  principle.  Using  the  modified  PCA  method,  with  a  fully  cracked  section  at 
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the  diaphragm  and  the  addition  of  the  positive  moments  shown  in  figure  5.10,  the 
calculated  midspan  deflections  at  20  kips  of  applied  load  are  0.076  inches  and  0.075  inches 
for  the  east  and  west  spans,  respectively.  This  agrees  well  with  the  corresponding 
measured  deflections  of  0.078  and  0.070  inches. 

Figure  5.11  shows  the  incremental  deflections  corresponding  to  the  second  loading 
of  Bridge  #1.  For  this  loading,  and  all  other  loadings  prior  to  cycling,  the  measured 
deflections  fell  between  those  predicted  by  the  CTL  method  and  the  modified  PCA 
method  with  a  stiffness  corresponding  to  a  crack  depth  equal  to  the  CIP  topping  thickness. 

5.2.3  Strain  Measurements 
In  addition  to  the  location  of  cracks  which  occurred  during  the  first  loading  of 
Bridge  #1,  Figure  5. 1  shows  the  location  of  the  strain  gages  on  the  longitudinal  steel 
reinforcement  in  the  topping  with  respect  to  these  cracks.  The  incremental  strains 
recorded  at  three  of  these  gages,  located  near  the  crack  which  opened  at  13  kips,  are 
shown  in  Figure  5.12.  These  gages  show  that  the  strain  in  the  steel  reinforcement  at  these 
locations  increased  linearly  until  about  10  kips.  Between  10  and  13  kips  the  reinforcement 
strain  increased  at  a  at  a  faster  rate  with  increasing  load.  At  13  kips  there  was  a  sudden 
increase  in  steel  strain  because  of  the  transfer  of  concrete  tensile  forces  to  the 
reinforcement.  The  increase  is  about  300  microstrain,  which  represents  a  change  in  stress 
of  about  8.7  ksi.  This  value  is  considerably  less  than  the  change  estimated  using  elastic 
theory  for  a  fully  cracked  section  (42  ksi).  This  is  because  the  section  was  not  "fully 
cracked,"  as  the  crack  did  not  extend  across  the  full  width  of  the  bridge.  Also,  the  gages 


136 


were  located  several  inches  from  the  crack.  Therefore,  at  the  gage  locations,  the  concrete 
was  carrying  a  portion  of  the  tensile  force.  After  cracking,  the  strains  increased  at  a  faster 
rate  until  cracking  at  19.9  kips.  The  crack  which  opened  at  the  diaphragm  reduced  the 
continuity  moment  at  the  pier,  and  the  corresponding  reinforcement  stresses  (and  strains) 
decreased.  Upon  unloading,  the  strains  in  the  reinforcement  decrease  linearly  with  load. 

Figure  5.13  shows  the  change  in  strains  at  gages  located  near  the  crack  which 
occurred  at  19.9  laps.  This  figure  shows  that  strains  increased  with  load  in  a  near  linear 
manner  until  cracking,  then  greatly  increased  as  tensile  forces  were  transferred  from  the 
concrete  to  the  steel.  The  incremental  strain  in  the  steel  prior  to  cracking  was  about  50 
microstrain,  corresponding  to  a  steel  stress  of  1.5  ksi.  After  cracking,  strains  were 
approximately  950  microstrain,  indicating  a  steel  stress  of  27.5  ksi.  The  calculated 
reinforcement  stress  at  the  measured  continuity  moment,  using  elastic  theory  and  a  fully 
cracked  section,  was  38.5  ksi.  Again,  the  gages  were  several  inches  away  from  the  crack 
so  the  full  calculated  steel  tension  was  not  realized  at  these  locations.  Also,  the  strains 
shown  in  Figure  5.13  are  incremental  strains  due  to  the  applied  load.  Initial  steel  strains 
associated  with  the  development  of  the  restraint  moment  during  the  cure  period  are  not 
reflected  in  this  graph. 

5.3  Initial  Loadings  of  Bridge  #2 
Bridge  #2  was  initially  loaded  to  20  kips  per  span  on  1/24/96,  after  44  days  of 
curing.  Measurements  of  applied  load,  end  reactions,  strains,  and  midspan  deflections 
were  recorded  at  one-kip  increments  during  the  loading  and  unloading  processes.  In 
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addition,  Whittemore  gage  readings  were  taken  at  two-kip  increments  during  the  loading 
stage,  and  three  times  during  the  unloading  period.  Only  one  new  crack  was  observed 
during  this  initial  loading.  This  crack,  which  occurred  at  a  load  of  8  kips,  was  located  at 
the  east  side  of  the  diaphragm  region  on  the  south  side  of  the  deck.  The  depths  of  this 
new  crack  and  one  existing  crack  at  the  pier  increased  to  about  9  inches  as  the  load 
increased  to  20  kips.  The  cracking  corresponding  to  this  initial  loading  is  shown  in 
Figures  5.14  and  5.15. 

5.3.1  Continuity  Moments 
The  continuity  moments  during  the  initial  loading  of  Bridge  #2,  which  were 
determined  in  a  similar  manner  as  for  Bridge  #1,  are  shown  in  Figure  5.16.  The  initial 
moments  were  -61  kip-ft  at  the  west  side  of  the  pier  and  -64  kip-ft  on  the  east  side  of  the 
pier.  These  moments  increased  in  magnitude  with  applied  load  until  additional  cracking  at 
8  kips.  Prior  to  this  cracking,  the  continuity  moments  were  74  kip-ft  and  75  kip-ft  at  the 
east  and  west  sides  of  the  center  pier,  respectively.  These  moments  decreased  to  67  kip-ft 
and  66  kip-ft  because  of  the  cracking.  The  moment  magnitudes  then  became  larger  as  the 
load  was  increased  to  20  kips.  During  this  additional  loading,  the  rate  of  moment  increase 
on  the  west  side  of  the  pier  was  greater  than  for  the  moment  on  the  east  side,  as  the  newly 
formed  crack  was  at  the  east  side  of  the  diaphragm.  At  20  kips,  the  moments  at  the  east 
and  west  sides  of  the  pier  were  -89  kip-ft  and  -83  kip-ft,  respectively.  After  unloading,  the 
restraint  moments  were  -44  kip-ft  on  both  sides  of  the  pier.  This  was  essentially  the  same 
value  as  the  moments  in  Bridge  #1  after  the  initial  loading  to  20  kips  (see  Figure  5.3). 
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Thus,  while  Bridge  #1  had  initial  restraint  moments  that  were  about  30  percent  higher  that 
those  for  Bridge  #2,  the  superimposed  loading  served  to  "equalize"  the  two  structures  in 
terms  of  remaining  continuity  moments  at  service  load. 

Figure  5.17  shows  the  change  in  continuity  moments  during  the  initial  loading  of 
Bridge  #2,  along  with  the  values  predicted  using  the  PCA,  CTL,  and  modified  PCA 
methods.  As  with  Bridge  #1,  all  three  methods  overestimate  the  increase  in  moments 
because  the  restraint  moments  are  released  by  additional  cracking.  Initially,  the  change  in 
continuity  moments  falls  between  the  values  predicted  by  the  CTL  method  and  the 
modified  PCA  method  (assuming  a  fully  cracked  diaphragm  region).  At  about  4  kips  of 
applied  load  there  is  a  decrease  in  the  continuity  moments  (towards  the  values  predicted 
by  the  modified  PCA  method).  Since  there  were  no  observed  cracks  with  this  loading,  this 
was  believed  to  be  caused  by  an  increase  in  the  depth  of  existing  cracks.  Between  4  kips 
and  8  laps,  the  observed  increase  in  continuity  moments  is  represented  by  the  line 
corresponding  to  the  modified  PCA  method.    The  cracking  at  8  kips  of  applied  load 
further  reduces  the  continuity  moments,  with  the  largest  change  occurring  at  the  east  side 
of  the  pier  (the  side  closest  to  the  crack). 

The  change  in  continuity  moments  during  the  second  loading  of  Bridge  #2  are 
shown  in  Figure  5.18.  During  this  loading,  and  all  other  loadings  prior  to  cycling,  the 
change  in  continuity  moments  is  basically  linear  with  applied  load.  The  increase  in 
moments  at  the  west  side  of  the  pier  is  best  represented  by  the  modified  PCA  method, 
with  a  diaphragm  stiffness  based  on  a  crack  depth  equal  to  the  CIP  topping  thickness.  The 
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increase  in  moments  at  the  east  side  of  the  pier  due  to  applied  load,  however,  can  be  better 
represented  by  the  modified  PCA  method  assuming  a  fully  cracked  diaphragm. 

5.3.2  Midspan  Deflections 

Figures  5.19  and  5.20  show  the  measured  deflections  in  the  east  and  west  spans, 
respectively,  for  the  initial  loading  of  Bridge  #2.  These  figures  show  a  gradual  increase  in 
deflections  in  each  span  throughout  the  loading  with  the  exception  of  the  sudden  change  at 
an  applied  load  of  8  kips,  due  to  the  additional  cracking.  The  total  midspan  deflection  at 
20  laps  of  loading  was  about  0.09  inches  for  both  spans.  After  unloading,  a  deformation 
of  about  0.03  inches  remained  in  each  span.  These  figures  show  that  the  deflections  were 
essentially  constant  across  the  width  of  the  structure  in  the  both  spans,  as  was  noted  for 
Bridge  #1. 

Figure  5.21  compares  the  measured  deflections  with  the  values  predicted  using  the 
PCA,  CTL,  and  Modified  PCA  methods.  This  figure  shows  that  all  models 
underestimated  the  displacement  at  20  kips  of  applied  load.  The  modified  PCA  method, 
with  a  fully  cracked  diaphragm,  did  a  good  job  at  predicting  the  displacements  prior  to 
cracking  at  8  kips.  After  cracking,  the  measured  displacement  response  is  essentially 
parallel  to  the  line  representing  this  method.  As  noted  in  section  5.2.2,  a  decrease  in 
restraint  moments  at  the  pier  has  the  same  effect  on  displacements  as  applying  a  positive 
moment  of  equal  value.  For  Bridge  #2,  the  initial  restraint  moments  of -64  kip-ft  and  -61 
kip-ft  at  the  east  and  west  sides  of  the  pier  were  reduced  in  magnitude  to  -44  kip-ft  after 
the  first  loading.  Using  the  modified  PCA  method,  with  a  fully  cracked  diaphragm  and 
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applied  positive  moments  of  20  and  17  kip-ft  at  the  east  and  west  sides  of  the  pier,  the 
calculated  deflections  are  0.070  and  0.069  inches  for  the  east  and  west  spans,  respectively. 
This  is  still  less  than  the  measured  displacements  of  0.089  and  0.086  inches.  However, 
these  values  reflect  the  time  dependent  deformations  caused  by  sustaining  the  load  while 
Whittemore  measurements  were  taken.  These  appear  as  horizontal  segments  in  the 
measured  deflection  curves  at  every  two  kips  of  load.  The  totals  of  these  incremental 
deflections  due  to  sustained  load,  not  including  the  values  at  8  kips  associated  with 
cracking,  are  0.016  inches  for  both  spans.  By  subtracting  out  these  values,  the 
instantaneous  deflections  due  to  the  applied  load  are  calculated  as  0.073  inches  for  the 
east  span  and  0.070  inches  for  the  west  span.  These  values  agree  well  with  the  deflections 
of  0.070  and  0.069  inches,  calculated  using  the  modified  PCA  method  with  a  fully  cracked 
diaphragm  and  applied  moments  equal  to  the  decreased  restraint  moments. 

Figure  5.22  shows  the  incremental  deflections  due  to  the  second  loading  of  Bridge 
#2.  These  measured  displacements  are  essentially  the  same  as  those  predicted  by  the 
modified  PCA  method  with  a  fully  cracked  diaphragm.  Slight  deviations  from  the 
predicted  values  occur  at  5,  10,  and  15  kips  of  load  due  to  time-dependent  deflections 
associated  with  Whittemore  gage  readings. 

5.3.3  Strain  Measurements 
Figure  5.23  shows  the  change  in  strains  at  gages  located  on  the  longitudinal 
reinforcement  at  the  center  of  the  pier.  The  position  of  these  gages  with  respect  to 
transverse  cracks  is  shown  in  Figure  5. 14.  All  the  gages  in  Figure  5.23  indicate  a  large 
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increase  in  strain  was  associated  with  the  crack  that  occurred  at  8  kips  of  load.  This 
crack,  which  occurred  at  the  south  side  of  the  bridge,  was  the  extension  of  an  existing 
crack  located  on  the  north  side  (see  Figure  5.14).  Thus,  there  was  an  earlier  increase  in 
strains  at  the  gages  located  at  the  north  side  of  the  bridge,  prior  to  the  extension  of  the 
crack  to  the  full  width.  This  can  be  seen  from  Figure  5.23,  where  gages  T-Long-5C  and 
T-Long-6C  show  large  increases  in  strain  after  only  3  kips  of  applied  load.  Gages  T- 
Long-lC  and  T-Long-2C  show  larger  increases  in  strain  at  8  kips  of  applied  load,  when 
the  crack  extended  to  the  full  width. 

The  strain  measurements  shown  in  Figure  5.23  indicate  an  average  incremental 
strain  at  20  kips  of  about  1000  microstrain,  corresponding  to  a  steel  stress  of  29  ksi.  The 
stress  in  the  steel  reinforcement  at  this  load  (which  produced  continuity  moments  of -89 
and  -83  kip-ft  at  the  east  and  west  sides  of  the  pier)  was  calculated  to  be  about  44  ksi 
assuming  a  fully  cracked  section.  The  measured  incremental  strains  indicated  a  lower 
stress  at  the  gages  locations  because  the  gages  were  not  located  directly  at  the  cracks,  and 
because  the  incremental  values  do  not  include  the  strains  associated  with  to  the  initial 
restraint  moments. 

Figure  5.24  shows  the  mean  strains  (occurring  over  a  30  inch  gage  length) 
determined  from  Whittemore  strain  gage  readings  at  the  level  of  the  mild  steel 
reinforcement.  The  Whittemore  readings  correlate  well  with  the  data  in  Figure  5.23, 
obtained  from  electrical  resistance  strain  gages.  Figure  5.24  shows  that  the  rate  of  strain 
increase  was  greater  at  the  north  side  of  the  pier  between  applied  loads  of  2  and  6  kips,  as 
the  existing  cracks  widened.  The  crack,  which  opened  at  8  kips,  then  caused  a  large 
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increase  in  strain  at  the  south  face  of  the  pier.  After  cracking,  strains  increases  at 
essentially  the  same  rate  until  the  maximum  load  of  20  kips  was  reached.  At  this  load,  the 
mean  strains  were  approximately  0.0016  (1600  microstrain)  at  both  sides  of  the  pier.  This 
strain  corresponds  to  a  steel  stress  of  46  ksi.  Since  the  Whittemore  gage  measures  the 
strain  occurring  at  the  face  of  the  concrete,  it  is  not  necessarily  equal  to  the  average  strain 
in  the  reinforcement,  which  was  located  at  a  distance  of  8  inches  from  the  surface  in  this 
case.  Therefore,  the  average  strain  in  the  steel  reinforcement  is  believed  to  have  been 
lower  than  46  ksi  since  the  crack  widths  which  contributed  to  the  Whittemore  readings 
would  have  been  smaller  at  the  surface  of  the  reinforcement.  Also,  the  Whittemore  gage 
readings  include  slip  between  the  steel  reinforcement  and  the  concrete  and  therefore 
overestimate  the  average  strain  in  the  reinforcement. 

5 . 4  Summary  of  Initial  Loadings 
The  restraint  moments  (induced  by  creep  and  shrinkage)  decreased  during  the 
initial  loading  of  each  bridge  due  to  additional  transverse  cracking  at  the  pier.  There  was  a 
49%  decrease  in  the  restraint  moments  for  Bridge  #1,  which  had  higher  initial  restraint 
moments  and  fewer  initial  cracks  than  Bridge  #2,  and  a  30%  decrease  for  Bridge  #2. 
Because  of  cracking,  the  PCA,  CTL,  and  modified  PC  A  methods  overestimated  the 
increase  in  continuity  moments  for  each  bridge  during  this  initial  loading.  For  subsequent 
loadings  which  did  not  produce  additional  cracking,  the  modified  PCA  method  (which 
assumed  a  diaphragm  stiftness  based  on  a  section  having  a  crack  depth  equal  to  the 
thickness  of  the  CIP  topping)  gave  a  reasonable  estimate  of  the  change  in  continuity 
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moments.  Both  the  PCA  and  CTL  methods,  which  are  based  on  gross  section  properties, 
considerably  overestimated  the  additional  continuity  moments. 

Similarly,  due  to  the  additional  cracking  and  corresponding  decrease  in  restraint 
moments,  all  three  methods  underestimated  the  midspan  deflections  caused  by  the  initial 
loadings  of  each  bridge.  Values  equal  to  these  observed  deflections  could  be  obtained 
using  the  modified  PCA  method,  assuming  a  fully  cracked  diaphragm  region,  with  applied 
positive  moments  at  the  pier  that  were  equal  in  magnitude  to  the  measured  decrease  in 
restraint  moments.  Midspan  deflections  due  to  subsequent  loadings  could  be  reasonably 
estimated  by  using  the  modified  PCA  method,  assuming  a  fully  cracked  diaphragm. 

5 . 5  Overview  of  Cyclic  Loading 
Each  bridge  was  subjected  to  5  million  cycles  of  service  loading  in  order  to 
evaluate  the  effects  of  repeated  loading  on  the  degree  of  continuity  at  interior  piers.  Any 
"softening"  at  the  pier  locations  would  be  manifested  in  larger  deflections  and  end 
reactions  for  a  given  load.  The  load  levels  used  for  the  cyclic  loading  of  each  bridge  were 
chosen  so  that  the  maximum  stress  in  the  longitudinal  steel  over  the  pier  ranged  from 
approximately  26  ksi  to  44  ksi.  The  value  of  26  ksi  was  believed  to  be  an  conservative 
estimate  of  the  service  load  stress  at  cracked  sections  of  lightly  reinforced  members  due  to 
dead  loads.  The  upper  limit  of  44  ksi  corresponded  to  a  stress  range  of  18  ksi,  which  is 
equal  to  120%  of  the  maximum  allowable  design  reinforcement  stress  range  designated  by 
AASHTO  section  5.5.3.2. 1  [3].  This  stress  range  was  believed  to  represent  a  worst  case 
scenario  of  repeated  loadings  in  excess  of  the  design  service  load. 
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The  moments  corresponding  to  steel  stresses  of  26  and  44  ksi  were  determined  for 
each  bridge  by  elastic  analysis  using  the  following  assumptions: 

•  Plane  sections  remain  plane 

•  Full  bond  exists  between  the  concrete  and  the  steel  reinforcement 

•  The  concrete  carries  tension  until  strains  reach  the  cracking  strain  and  then 
carries  no  tension.  The  cracking  strain  assumed  was  0.00014  (based  of  a 
modulus  of  rupture  of  650  psi  and  an  elastic  modulus  of  4500  ksi). 

Using  these  assumptions,  the  magnitudes  of  the  lower  and  upper  cycling  moments  were 
determined  to  be  65  kip-ft  and  104  kip-ft  for  Bridge  #1,  and  56  kip-ft  and  87  kip-ft  for 
Bridge  #2.  Each  bridge  was  loaded  several  times  after  the  initial  loading,  and  end 
reactions  monitored,  to  determine  the  applied  loads  that  would  produce  negative  moments 
at  the  pier  with  these  magnitudes.  These  loads  were  then  used  as  the  upper  and  lower 
cycling  limits  for  the  entire  5  million  cycles.  For  Bridge  #1  the  cyclic  loading  was  from 
4.5  kips  to  20.8  kips.  For  Bridge  #2  the  cyclic  loading  was  from  6.9  kips  to  20.0  kips. 
The  cyclic  loading  was  applied  at  a  frequency  of  1 .5  Hz  for  both  bridges. 

5.6  Cyclic  Loading  of  Bridge  #1 
The  cyclic  loading  of  Bridge  #1  began  on  5/25/94.  On  6/1 1/94,  after  2  million 
cycles  of  load  had  been  applied,  the  loading  was  halted  and  the  bridge  was  subjected  to  48 
weeks  of  southern  exposure  cycling  as  part  of  the  durability  phase  of  this  study.  This 
weekly  cycling  consisted  of  4  days  of  exposure  to  a  salt  water  solution,  followed  by  a  3 
day  drying  period.  The  exposure  cycling  is  described  in  Section  3.4  and  the  experimental 
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results  are  given  in  Chapter  6.  At  the  conclusion  of  the  exposure  cycling  an  additional  3 
million  cycles  of  load,  of  the  same  magnitude  as  the  first  2  million  cycles,  were  applied. 
This  loading  began  on  6/17/95  and  concluded  on  7/19/95.  Measurements  of  end  reactions 
and  midspan  deflections  were  taken  during  static  loadings  prior  to  cycling,  and  periodically 
throughout  the  5  million  loading  cycles. 

Figure  5.25  and  5.26  show  the  measured  load  vs.  midspan  deflection  curves  of 
Bridge  #1  throughout  the  5  million  cycles  of  load  for  the  east  and  west  spans,  respectively. 
In  these  figures,  zero  deflection  corresponds  to  the  position  at  the  beginning  of  the  cyclic 
loading.  These  figures  each  show  two  distinct  sets  of  curves,  each  having  a  different 
slope.  The  first  group  of  curves,  which  have  zero-load  deflections  between  0.00  and  0.03 
inches,  correspond  to  the  first  2  million  cycles  of  loading.  Although  the  zero-load 
deflection  values  during  these  2  million  cycles  increased  as  more  cycles  of  load  were 
applied,  the  slopes  of  these  curves  remained  the  same.  This  increase  was  believed  due  to 
creep  under  sustained  loading  and  not  due  to  a  decrease  in  continuity  between  adjacent 
spans,  since  a  decrease  in  continuity  would  also  reduce  the  slope  of  these  curves.  For  this 
bridge,  there  was  a  sustained  load  of  4.5  kips  (the  lower  load  limit)  during  the  cycling. 
The  second  group  of  curves,  which  have  zero-load  deflections  in  excess  of  0.04  inches, 
corresponds  to  the  3  million  cycles  of  loading  which  were  applied  after  the  conclusion  of 
the  exposure  cycling.  These  curves  have  a  higher  slope  than  the  first  set  of  curves, 
indicating  an  increase  in  the  stiffness  of  the  structure.  These  curves  are  also  grouped 
closer  together  than  the  curves  corresponding  to  the  first  2  million  cycles,  as  creep  effects 
were  not  as  prominent  for  the  older  concrete. 
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The  difference  in  the  load-deflection  relationship  before  and  after  the  durability 
testing  can  be  more  clearly  seen  in  Figures  5.27  and  5.28,  where  the  deflections  during  the 
same  static  loadings  have  been  normalized  at  the  zero-load  point.  This  normalization 
eliminates  the  time-dependent  deformations  and  allows  for  direct  comparison  of 
instantaneous  deflections  due  to  the  applied  load.  These  figures  clearly  indicate  that  the 
stiffness  of  the  bridge,  and  thus  the  continuity  at  the  pier,  remained  essentially  unchanged 
as  a  result  of  the  cyclic  loading.  However,  there  was  a  significant  increase  in  the  stiffness 
of  the  bridge  during  the  durability  cycling,  as  indicated  by  the  two  distinct  sets  of  load- 
deflection  curves.  This  change  in  stiffness  was  significant,  reducing  midspan  deflections 
by  approximately  40%  in  the  east  span,  and  occurred  during  the  first  weeks  of  exposure 
cycling.  A  static  loading  after  4  weeks  of  exposure  cycling  showed  that  this  change  in 
stiffness  had  already  occurred.  The  change  in  stiffness  in  the  structure  can  be  understood 
by  examining  the  restraint  moments  at  the  pier  throughout  the  cyclic  loading.  These 
moments  are  shown  for  the  east  and  west  spans  in  Figures  5.29  and  5.30,  respectively. 
These  figures  show  that  the  restraint  moments  (moments  at  zero  applied  load),  which 
were  negative  throughout  the  first  2  million  cycles  of  applied  load,  became  positive 
restraint  moments  prior  to  the  additional  3  million  cycles  of  load  (which  were  applied  after 
the  conclusion  of  the  exposure  cycling).  Positive  restraint  moments  would  have  a 
tendency  to  close  the  cracks  which  had  been  open  under  the  negative  restraint  moments, 
thereby  increasing  the  stiffness  at  the  pier  section. 

The  writers  believes  the  change  in  restraint  moments,  which  was  observed  after 
only  4  weeks  of  exposure  cycling,  was  caused  by  the  reversal  of  shrinkage  due  to  re- 
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wetting  of  the  CIP  concrete.  In  section  4. 1  it  was  explained  that  shrinkage  is  a  reversible 
phenomenon,  and  that  if  concrete  is  saturated  with  water  after  it  has  experienced 
shrinkage,  it  will  expand  to  almost  its  original  volume.  The  weekly  exposure  cycle 
consisted  of  saturating  the  concrete  with  salt  water  for  4  consecutive  days.  If  shrinkage  of 
the  CIP  concrete  had  been  the  only  time-dependent  effect  occurring  during  the  CIP 
concrete  cure  period,  then  expansion  of  this  concrete  due  to  re-wetting  would  only  serve 
to  decrease  the  magnitude  of  the  negative  restraint  moments.  However,  during  this  cure 
period,  the  length  of  the  precast  panels  was  also  reduced  by  shrinkage  of  the  precast 
concrete  and  by  creep  due  to  prestress.  Thus,  an  attempt  to  restore  the  CIP  concrete  to 
its  original  volume  (and  length)  would  create  positive  restraint  moments  at  the  pier, 
consistent  with  the  observed  phenomenon. 

5.7  Cyclic  Loading  of  Bridge  #2 
The  cyclic  loading  of  Bridge  #2  began  on  1/30/96  and  concluded  on  3/13/96. 
Figures  5.31  and  5.32  show  the  load  vs.  midspan  deflection  curves  of  Bridge  #2 
throughout  the  5  million  cycles  of  load  for  the  east  and  west  spans,  respectively.  As  with 
Bridge  #1,  the  zero-load  deflections  increased  with  time,  presumably  due  to  creep  under 
the  sustained  minimum  load  (6.9  kips  in  this  case). 

Figures  5.33  and  5.34  show  the  these  same  load-deflection  curves  after  the 
elimination  of  time-dependent  deflections.  These  figures  clearly  illustrate  that  the  load- 
deflection  relationship  remained  essentially  constant  throughout  the  5  million  loading 
cycles,  and  that  deterioration  of  the  continuity  between  spans  did  not  occur.  Figures  5.35 
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and  5.36  show  the  relationship  of  the  continuity  moments  with  applied  load  for  the  east 
and  west  spans,  respectively  during  the  cyclic  loading.  These  figures  indicate  that  the 
flexural  stiffness  at  the  pier,  as  indicated  by  the  slope  of  the  continuity  moment  versus 
applied  load  relationship,  remained  unchanged  throughout  the  5  million  cycles  of  load. 

5.8  Summary  of  Cyclic  Loadings 

Each  bridge  was  subjected  to  5  million  cycles  of  service  loading  in  order  to 
evaluate  the  effect  of  repeated  loading  on  the  degree  of  continuity  at  interior  piers.  The 
testing  showed  that  there  was  no  appreciable  change  in  the  continuity  between  adjacent 
spans  due  to  the  repeated  loadings,  in  which  the  calculated  maximum  reinforcement  stress 
range  exceeded  the  AASHTO  allowable  design  stress  range  by  20  percent.  Continuity 
between  adjacent  spans  was  evaluated  by  monitoring  the  instantaneous  midspan 
deflections  and  discontinuous  end  reactions  during  static  loadings  which  were  conducted 
periodically  throughout  the  5  million  cycles. 

5.9  Overview  of  Failure  Loadings 

Each  bridge  was  loaded  to  failure  after  the  completion  of  the  cyclic  loading  to 
determine  its  ultimate  load-carrying  capacity.  The  failure  loading  was  applied  by  the  same 
two  hydraulic  actuators  used  during  the  cyclic  loading  portions  of  this  study.  Prior  to  the 
final  loading,  a  26"  x  26"  Steel  Plate  was  placed  under  each  hydraulic  actuator.  Load  was 
then  applied  to  the  bridge  through  24"  x  24"  Bearing  Pads  which  were  placed  between  the 
concrete  deck  and  the  steel  plates.  This  increased  bearing  area  was  used  to  prevent  a 
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punching-shear  failure  at  the  point  of  loading.  During  the  failure  loading  of  each  bridge, 
discontinuous  end  reactions,  deflections,  strains,  strand  slip,  and  differential  panel 
deflections  were  recorded.  The  results  of  these  loadings  are  discussed  in  the  subsequent 
sections  of  this  chapter. 

5.10  Calculation  of  Failure  Loads 

The  flexural  capacities  of  the  test  bridges  were  calculated  using  the  principle  of 
virtual  work,  assuming  full  redistribution  of  elastic  moments  is  possible.  A  collapse 
mechanism  was  presumed  in  which  "hinges"  form  at  the  point  of  loading  and  at  the  pier 
location.  The  moments  at  these  hinges  were  set  equal  to  the  nominal  flexural  strength  of 
the  section.  The  flexural  failure  load  was  then  calculated  by  equating  the  internal  work 
and  external  work  corresponding  to  a  virtual  displacement  of  one  unit  at  the  applied  load. 
This  procedure  is  shown  in  Figure  5.37.  Using  this  method,  the  failure  loads  of  the  test 
bridges  were  determined  from  the  following  expression: 

P  =  0.133Mj+0.213M2-10w  (5.1) 

in  which 

P    -  applied  load  at  failure 
Mi  =  nominal  moment  capacity  at  the  pier 

M2  =  nominal  moment  capacity  of  the  composite  prestressed  section 
w   =  uniform  load  due  to  the  self  weight  of  the  precast  panels  and  CIP  topping. 

The  nominal  moment  capacities  were  calculated  using  the  AASFfTO  code 
equations  and  by  strain  compatibility.  The  calculations  using  the  AASFfTO  procedure  are 
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shown  in  Figures  5.38  through  5.41.  Strain  compatibility  calculations  were  performed 
using  a  computer  program  that  was  developed  by  the  writers  to  calculate  moment- 
curvature  relationships  of  reinforced  concrete  sections.  This  program  allowed  for  the 
stress-strain  curves  of  the  mild  steel  reinforcement,  as  determined  from  actual  tension  tests 
in  the  laboratory,  to  be  used.  These  stress-strain  relationships  are  shown  in  Chapter  3 
(Figures  3.38  and  3.39).  A  modified  Ramberg-Osgood  equation  was  used  to  represent  the 
stress-strain  relationship  of  the  prestressed  steel  as  suggested  by  Collins  and  Mitchell  [25]. 
A  linear  stress-strain  relationship  was  assumed  for  the  concrete  at  stresses  below  0.5  f  c. 
At  higher  stresses,  the  stress-strain  relationship  of  the  concrete  was  represented  by  a 
simple  parabolic  expression  recommended  by  Collins  and  Mitchell.  Using  this  program, 
the  nominal  moment  capacity  was  assumed  to  be  the  moment  corresponding  to  a 
maximum  concrete  compressive  strain  of  0.004.  The  moment-curvature  relationships 
generated  for  each  bridge,  and  the  corresponding  nominal  moment  capacities,  are  shown 
in  Figures  5.42  through  5.45.  The  assumed  concrete  compressive  strength  was  6.2  ksi  for 
each  bridge.  The  modulus  of  rupture  used  for  the  precast  concrete  was  820  psi  for  Bridge 
#1  and  875  psi  for  Bridge  #2.  For  the  composite  prestressed  sections,  zero  curvature 
corresponds  to  a  moment  of  60  kip-ft.  This  is  the  calculated  dead  load  moment  due  to  the 
weight  of  the  precast  panels  and  CIP  topping. 

Tables  5.1  and  5.2  list  the  calculated  nominal  moment  capacities  obtained  from 
both  the  AASHTO  equations  and  strain-compatibility,  as  well  as  the  corresponding  failure 
loads  calculated  using  Equation  5.1  for  Bridges  #1  and  #2,  respectively.  The  uniform 
dead  load  due  to  self  weight  was  1.2  kips  per  foot  for  both  bridges.  Both  tables  show  that 
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the  calculated  negative  moment  capacities,  using  the  AASHTO  equations  are  considerably 
less  than  those  calculated  using  the  strain  compatibility  method.  This  is  mostly  due  to  the 
strain  hardening  of  the  mild  steel  reinforcement.  The  AASHTO  calculations  consider  the 
maximum  reinforcement  stress  to  be  equal  to  the  specified  minimum  yield  stress,  while  the 
strain  compatibility  approach  uses  the  actual  stress-strain  curve  of  the  material.  In 
addition,  the  positive  moment  capacities  at  the  composite  precast  sections,  determined 
from  the  strain  compatibility  calculations,  are  also  higher  than  those  from  the  AASHTO 
equations.  This  is  primarily  because  the  strain  compatibility  calculations  included  the 
shrinkage  and  temperature  steel  in  the  CIP  topping,  and  because  of  the  assumed  higher 
concrete  compressive  strain  at  failure  (0.004  versus  0.003,  the  basis  for  the  AASHTO 
equations).  Therefore,  the  calculated  flexural  failure  loads  for  each  bridge  are  highest 
when  using  the  nominal  moments  obtained  from  strain  compatibility. 

The  shear  stresses  at  the  center  pier  of  each  bridge,  corresponding  to  the 
calculated  flexural  failure  loads,  were  less  than  the  allowable  design  shear  stresses.  Shear 
stresses  at  the  center  pier  corresponding  to  the  calculated  flexural  failure  loads  were  125 
psi  and  83  psi  for  Bridge  #1  and  Bridge  #2,  respectively.  The  allowable  design  shear 
stress  of  2V^c  was  approximately  150  psi  for  each  bridge.  Therefore,  a  flexural  failure 
was  expected  for  both  test  bridges. 

5.11  Failure  Loading  of  Bridge  #1 
Bridge  #1  was  loaded  to  failure  on  8/2/95.  During  this  final  loading,  the  applied 
actuator  force  was  increased  in  increments  of  5  kips,  and  measurements  were  recorded  at 
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each  load  level.  Since  the  negative  moment  region  had  been  cracked  during  the  cure 
period  and  previous  loadings,  the  load-deflection  relationship  was  approximately  linear 
until  cracking  occurred  in  the  positive  moment  region.  Observed  flexural  cracking  of  the 
prestressed  panels  in  the  positive  moment  region  occurred  at  a  load  of  about  99  kips  for 
the  east  span  and  104  kips  for  the  west  span.  These  loads  corresponded  to  positive 
moments  of  420  and  430  kip-ft,  respectively,  as  determined  from  measurements  of  applied 
load  and  discontinuous  end  reactions.  The  moments  are  considerably  higher  than  the 
calculated  cracking  moment  for  the  section  of  330  kip-ft.  This  calculation  assumed  a 
modulus  of  rupture  of  820  psi,  an  estimated  prestressing  steel  stress  of  174  ksi,  and  gross 
section  properties  (see  Figure  5.46).  Since  visual  observation  of  cracking  was  limited  to 
the  sides  of  the  8-foot- wide  bridge,  it  is  possible  that  cracks  may  have  occurred  near  mid- 
width  of  the  bridge  at  lower  loads  but  remained  undetected.  After  cracking,  midspan 
deflections  and  crack  widths  increased  substantially  with  increasing  load  until  failure  (see 
Figures  5.47  and  5.48).  These  figures  show  that  deflections  in  each  span  were  nearly  3 
inches  prior  to  reaching  the  failure  load,  and  that  the  deflections  across  the  width  of  the 
bridge  were  essentially  the  same.  The  ultimate  load  of  Bridge  #1  was  140  kips,  and  was 
sustained  for  several  minutes  prior  to  flexural  failure  at  the  loading  point  in  the  west  span. 
Spalling  of  the  top  concrete  occurred  gradually,  as  flexural  cracks  continued  to  grow  and 
rotations  increased.  Sudden  compression  failure  of  the  top  concrete  occurred  after 
flexural  cracks  propagated  horizontally  below  the  compression  chord  (see  Figure  5.49). 
Concrete  crushing  (evidenced  by  spalling)  was  also  observed  at  the  positive  moment 
region  in  the  east  span  at  this  loading  but  did  not  lead  to  collapse,  as  the  test  was 
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terminated  after  failure  of  the  west  span.  The  cracking  which  occurred  during  the  final 
loading  is  shown  in  Figures  5.50  through  5.53.  Crack  widths  measured  at  the  diaphragm 
during  this  loading  are  shown  in  Table  5.3.  The  actual  failure  load  of  140  kips  was 
essentially  the  same  as  the  value  determined  by  virtual  work  (139  kips),  using  the  nominal 
moment  capacities  obtained  by  strain  compatibility.  The  failure  load  was  approximately 
13  percent  larger  than  the  estimated  value  of  124  kips,  obtained  using  the  AASHTO 
nominal  moment  capacities. 

Tables  5.4  and  5.5  show  the  measured  strand  slip  during  the  failure  loading  of 
Bridge  #1  at  the  east  and  west  ends,  respectively.  These  tables  show  that  considerable 
strand  slip  occurred  prior  to  failure,  especially  at  the  west  end.  Strands  #8  and  #9,  which 
were  located  at  the  center  of  the  bridge  and  nearest  to  the  applied  load,  had  slips  in  excess 
of  1/4  inch  at  the  west  end.  Strand  slip  was  measured  at  the  discontinuous  ends,  which 
were  located  more  than  12  ft  from  the  point  of  maximum  positive  moment.  Slip  began  at 
a  load  of  approximately  130  kips  which  corresponded  to  calculated  maximum  strand  stress 
of  250  ksi  and  an  average  bond  stress  of  only  185  psi.  This  strand  slip  did  not  prevent  the 
section  from  reaching  the  design  capacity,  however,  as  the  experimental  moments 
(calculated  from  values  of  end  reactions  and  applied  load)  exceeded  the  AASHTO  design 
moment  by  nearly  4%.  The  maximum  experimental  moments  were  calculated  to  be  567 
kip-ft  in  each  span,  while  the  AASHTO  design  moment  was  547  kip-ft. 

Differential  deflections  between  the  two  precast  panels  in  each  span  were  also 
measured  using  electronic  dial  gages  mounted  on  the  underside  of  the  bridge,  below  the 
actuators.  These  readings  showed  that  differential  displacements  began  at  a  load  of  1 15 
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kips,  and  reached  0.013  inches  for  the  west  span,  and  0.022  inches  for  the  east  span  at  135 
kips  of  applied  load.  These  values  are  believed  to  have  been  due  to  transverse  bending  in 
the  panels,  and  not  due  to  separation  between  the  panels  and  CIP  topping  since  the  full 
composite  design  moment  capacity  was  attained. 

5. 12  Failure  Loading  of  Bridge  #2 

Bridge  #2  was  loaded  to  failure  on  3/26/96.  During  this  final  loading,  the  applied 
actuator  force  was  increased  in  one-kip  increments,  and  measurements  of  applied  load, 
end  reactions,  deflections,  and  strains  were  recorded  at  each  load  level.  Since  the  negative 
moment  region  had  many  transverse  cracks  prior  to  this  loading,  no  additional  cracks  were 
observed  at  the  pier  until  the  bridge  was  near  failure  and  considerable  yielding  of  the 
reinforcement  had  taken  place.  Positive  moment  cracking  was  not  observed  until  60  kips 
of  load  had  been  applied  in  each  span.  The  positive  moments  corresponding  to  this  load 
were  calculated  (from  values  of  end  reactions  and  applied  load)  as  251  kip-ft  and  247  kip- 
ft  in  the  east  and  west  spans,  respectively.  These  moments  are  considerably  larger  than 
the  estimated  cracking  load  of  170  kip-ft,  based  of  a  modulus  of  rupture  of  875  psi  and  a 
strand  stress  of  182  ksi.  This  calculation  is  shown  in  Figure  5.54. 

Electrical  resistance  strain  gages,  however,  which  were  attached  to  the  concrete  on 
the  underside  of  the  precast  panels  at  midspan,  indicated  that  cracking  of  the  concrete 
occurred  at  a  much  lower  load.  Figures  5.55  and  5.56  show  the  incremental  strains 
occurring,  during  the  final  loading,  at  concrete  surface  gages  located  on  the  bottom  of  the 
precast  panels  at  midspan.  Figure  5.55  shows  that  tensile  strains  increased  in  the  concrete 
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with  increasing  load  in  the  east  span  until  a  load  level  between  30  and  40  kips  was 
reached,  after  which  the  incremental  strains  decreased.  This  behavior  is  evidence  that 
transverse  cracking  occurred  near  the  gage  locations,  thereby  decreasing  the  strain  in  the 
concrete  as  the  strain  in  the  prestressed  steel  increased.  Figure  5.56  suggests  that  cracking 
occurred  as  early  as  27  kips  in  the  west  span.  The  positive  moments  corresponding  to  30 
kips  of  applied  load  were  determined  to  be  137  kip-ft  for  the  east  span  and  137  kip-ft  for 
the  west  span.  More  evidence  for  this  cracking  can  be  seen  in  Figure  5.57,  which  shows 
the  incremental  strains  at  surface  gages  located  on  the  top  of  the  precast  panels  (the 
interface  between  the  precast  panels  and  the  CIP  topping)  at  midspan.  This  figure  shows 
that  incremental  strains  were  approximately  zero  below  30  kips,  since  the  neutral  axis  for 
the  uncracked  section  was  near  mid-depth  of  the  section.  After  cracking,  however,  the 
neutral  axis  was  in  the  CIP  concrete  and  tensile  strains  occurred  at  the  gage  level. 

The  failure  load  for  Bridge  #2  was  85  kips.  This  load  was  sustained  for 
approximately  ten  minutes  before  collapse  of  the  west  span  occurred  due  to  flexure. 
Flexural  failure  occurred  in  the  positive  moment  region,  at  the  loading  point  in  the  west 
span.  Spalling  of  the  top  concrete  occurred  gradually,  initiating  near  the  point  of  loading 
and  moving  towards  the  sides  of  the  bridge.  This  spalling  served  to  increase  the  curvature 
at  the  section  and  increase  the  stress  in  the  steel.  Collapse  of  the  west  span  occurred  when 
the  strands  fractured.  After  the  west  span  failed,  the  load  in  the  east  span  was  maintained 
at  85  kips.  Failure  occurred  in  this  span  in  a  similar  manner  about  20  minutes  later. 
Cracking  which  occurred  during  the  failure  loading  of  Bridge  #2  is  shown  in  Figures  5.58 
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through  5.61.  Crack  widths  measured  at  the  diaphragm  during  this  loading  are  shown  in 
Table  5.6. 

Figures  5.62  and  5.63  show  the  deflections  corresponding  to  the  failure  loading  of 
Bridge  #2  in  the  east  and  west  spans,  respectively,  up  to  an  applied  load  of  84  kips.  The 
figures  show  that  deflections  increased  linearly  until  cracking  of  precast  panels  occurred  at 
about  30  kips.  After  cracking,  the  load-deflection  relationship  has  a  rapidly  changing 
slope,  as  deflections  increased  at  an  accelerated  rate  with  increasing  load.  This  change  in 
slope  occurred  as  the  compressed  concrete  area  decreased  and  the  reinforcement  stress 
increased.  After  about  70  kips,  the  load-deflection  curves  have  a  very  low  slope, 
presumably  due  to  yielding  of  the  prestressing  steel.  The  positive  moments  at  70  kips  of 
applied  load  were  approximately  290  kip-ft  which  would  correspond  to  a  stress  in  the 
prestressed  steel  of  250  ksi,  calculated  using  the  strain  compatibility  method  described  in 
section  5.10. 

Figure  5.64  shows  the  rotations  which  were  measured  at  the  discontinuous  ends  of 
the  bridge  using  two  dial  gages,  spaced  30  inches  apart,  during  the  failure  loading  of 
Bridge  #2  (see  Figure  3.35).  As  expected,  this  graph  has  the  same  shape  as  the  load- 
deflection  relationship.  A  good  approximation  of  the  midspan  deflections  due  to  the 
applied  load  can  be  made  by  multiplying  the  end  rotations  (in  radians)  times  one-half  of  the 
span  length  (120  inches).  This  is  illustrated  in  Figure  5.65  for  the  west  span. 

The  failure  load  of  85  kips  was  higher  than  the  values  predicted  by  Equation  5.1 
using  the  nominal  moment  capacities  obtained  from  both  the  AASHTO  equations  and 
strain  compatibility.  These  values  were  66  kips  and  81  kips,  respectively.  Failure  in  both 
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spans  occurred  at  the  edge  of  the  loading  plate  closest  to  midspan,  as  the  plate  acted  to 
confine  the  concrete  and  prevent  failure  under  the  point  load  (see  Figure  5.66).  This 
resulted  in  a  slightly  higher  failure  load,  since  the  failure  mechanism  was  located  away 
from  the  point  of  maximum  moment.  This  increased  failure  capacity  can  also  be  estimated 
using  the  principle  of  virtual  work  as  shown  in  Figure  5.67.  The  resulting  expression  for 
the  failure  load  is: 

P  =  0.133M1  +  0.232M2-11333w  (5.2) 

where  P,  Mi,  M2,  and  w  are  the  same  as  for  Equation  5.1.  The  failure  capacities 
calculated  from  Equation  5.2  are  69  kip  using  the  AASHTO  moments  and  85  kips  using 
the  moments  from  strain  compatibility. 

Strand  slip  and  differential  deflections  between  panels  were  also  measured  during 
the  failure  loading  of  Bridge  #2.  Unlike  Bridge  #1,  only  minimal  strand  slip  occurred 
during  the  final  loading  of  Bridge  #2.  The  maximum  recorded  strand  slip  was  0.005 
inches.  Displacement  measurements  between  the  adjacent  panels  showed  that  differential 
deflections  began  at  a  load  of  74  kips,  and  increased  until  failure.  The  recorded 
differential  displacements  at  84  kips  of  load  were  0.027  inches  in  each  span.  These  values 
are  believed  to  have  been  due  to  transverse  bending  of  the  panels  and  not  due  to 
separation  between  the  precast  panels  and  CIP  concrete  topping  since  the  design  nominal 
moment  capacity,  based  on  a  fully  composite  section,  was  attained.  The  maximum 
positive  moment,  as  determined  from  applied  load  and  end  reaction  values,  was  338  kip-ft. 
This  exceeded  the  AASHTO  nominal  moment  capacity  of  290  kip-ft,  as  well  as  the 
moment  calculated  using  strain  compatibility  of  312  kip-ft. 
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5.13  Moment  Redistribution 
When  considering  strength  limit  states,  the  AASHTO  LRFD  Bridge  Design 
Specifications  [3]  allows  the  design  engineer  to  decrease  the  negative  moments 
determined  by  elastic  theory  at  interior  supports  of  continuous  reinforced  concrete  beams, 
provided  that  positive  moments  are  "adjusted  to  account  for  the  changes  in  negative 
moments  so  as  to  maintain  equilibrium  of  load  and  force  effects."  This  is  discussed  in 
AASHTO  section  5.7.3.5,  and  the  redistribution  of  moments  is  limited  to  the  following 
percentage: 

c^  (5-3) 


201-2.36- 
d« 

where 

c     =  the  distance  from  the  extreme  compression  fiber  to  the  neutral  axis 

de    =  the  depth  to  the  centroid  of  the  reinforcement  tensile  force,  measured  from  the 

extreme  compression  fiber. 

Redistribution  of  moments  occurs  due  to  changes  in  the  relative  stiffnesses  of  the 
sections  at  the  pier  and  main  spans.  These  changes  are  the  result  of  both  cracking  of  the 
concrete  and  yielding  of  the  steel  reinforcement.  Redistribution  corresponding  to  yielding 
of  the  reinforcement  depends  on  the  rotational  capacity  of  the  section.  In  lightly 
reinforced  concrete  beams,  the  reinforcement  will  yield  while  the  concrete  compressive 
strains  are  well  below  the  ultimate  strain.  Therefore,  considerable  increases  in  curvature 
can  occur  before  the  concrete  fails  in  compression.  The  ratio  of  c/de  is  an  indirect 
measurement  of  this  potential  increase.  Values  of  c  and  d«  for  both  test  bridges  are  shown 
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in  the  nominal  moment  calculations  (Figures  5.40  and  5.41).  The  maximum  redistribution 
allowed  by  AASHTO  was  17.4%  for  Bridge  #1  and  17.8%  for  Bridge  #2. 

Figures  5.68  through  5.71  show  the  maximum  positive  and  negative  moments 
which  occurred  during  the  failure  loadings  of  both  bridges,  along  with  the  corresponding 
moments  determined  by  elastic  analysis,  using  both  the  CTL  and  PCA  methods.  The 
moments  calculated  by  elastic  analysis  do  not  reflect  the  restraint  moments  due  to 
shrinkage  and  creep  effects,  since  these  do  not  effect  the  behavior  at  ultimate.  Therefore, 
at  zero  applied  load,  negative  elastic  moments  are  equal  to  zero  and  positive  dead  load 
moments  are  calculated  assuming  a  simply  supported  member.  Positive  elastic  moments 
calculated  by  the  PCA  and  CTL  methods  were  nearly  identical  for  the  diaphragm  and  span 
lengths  used  in  this  study. 

5.13.1  Moment  Redistribution  in  Bridge  #  1 
Figure  5.68  shows  that  the  maximum  negative  moments  at  the  east  and  west  sides 
of  the  pier  were  250  kip-ft.  The  negative  moments  determined  by  elastic  analysis  were 
558  kip-ft  using  the  PCA  method  and  479  kip-ft  using  the  CTL  method.  The 
experimentally  determined  moments  represent  a  55%  reduction  of  the  moments  calculated 
using  the  PCA  method  and  a  48%  reduction  of  the  moments  calculated  using  the  CTL 
method.  Figure  5.69  shows  that  the  maximum  positive  moments  in  Bridge  #1  were  567 
kip-ft,  while  the  elastic  moments  calculated  by  the  PCA  and  CTL  methods  were  423  kip- 
ft.  The  experimentally  determined  positive  moments  were  34%  more  than  the  moments 
calculated  using  elastic  analysis. 
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5.13.2  Moment  Redistribution  in  Bridge  #2 
Figure  5.70  shows  that  the  maximum  negative  moments  for  Bridge  #2  were  190 
kip-ft  at  the  east  side  of  the  pier  and  200  kip-ft  at  the  west  side  of  the  pier.  The 
corresponding  moments  calculated  by  elastic  analysis  were  339  kip-ft  using  the  PC  A 
method  and  291  kip-ft  using  the  CTL  method.  The  experimentally  determined  moment  of 
200  kip-ft  represents  a  41%  reduction  in  the  PC  A  moment  and  a  3 1%  reduction  in  the 
CTL  moment.  Figure  5.71  shows  that  the  maximum  positive  moment  occurring  in  Bridge 
#2  was  338  kip-ft,  compared  with  the  elastically  determined  moments  of  281  kip-ft.  The 
experimentally  determined  positive  moments  correspond  to  a  20%  increase  in  the  elastic 
moments. 

5.13.3  Moment  Redistribution  Summary 
Full  redistribution  of  elastic  moments  occurred  during  the  failure  loading  of  each 
bridge.  The  percentage  of  moment  redistribution  exceeded  the  AASHTO  allowable  value 
for  both  bridges  based  on  elastic  analysis  using  uncracked  section  properties.  Although 
not  explicitly  stated,  AASFfTO  section  5.7.3.5  does  imply  that  the  elastic  analysis  be  based 
on  uncracked  sections  properties.  Redistribution  of  moments  based  on  cracked  section 
properties  at  the  negative  moment  region  would  be  unconservative.  The  calculated 
negative  moment  corresponding  to  the  failure  load  of  Bridge  #1,  based  on  a  fully  cracked 
diaphragm  section,  is  245  kip-ft.  This  is  slightly  less  than  the  experimental  moment  of  250 
kip-ft.  Similarly,  the  calculated  negative  moment  corresponding  to  the  failure  load  of 


161 


Bridge  #2,  based  on  a  fully  cracked  diaphragm  section,  is  138  kip-ft.  This  is  considerably 
less  than  the  experimental  moment  of  190  kip-ft. 

5.14  Summary  of  Failure  Loadings 

The  failure  load  of  each  bridge  could  be  determined  using  the  principle  of  virtual 
work,  with  moment  capacities  at  hinges  equal  to  the  nominal  moment  capacities 
determined  by  strain  compatibility.  For  both  bridges,  the  experimentally  determined 
positive  and  negative  moments  exceeded  the  nominal  design  moments  calculated  using  the 
AASHTO  equations.  Negative  moment  capacities  were  considerably  higher  than  the 
AASHTO  values  because  of  strain  hardening  of  the  mild  steel  reinforcement. 

The  ultimate  load  carrying  capacity  of  the  bridge  was  not  affected  by  the  initial 
restraint  moments  due  to  time-dependent  effects,  as  these  were  relieved  by  yielding  of  the 
steel  reinforcement  and  subsequent  redistribution  of  moments.  Moment  redistribution  for 
both  bridges  exceeded  the  maximum  percentage  allowed  by  AASHTO  for  design 
considerations.  For  Bridge  #1,  the  experimentally  determined  negative  moments  at  the 
maximum  sustained  load  were  48%  less  than  the  moments  calculated  using  elastic  analysis. 
For  Bridge  #2,  these  moments  were  31%  less  than  the  elastic  moments. 
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Table  5. 1  Nominal  Moment  Capacities  and  Estimated  Failure  Loads  of  Bridge  #1 


Method 

Negative  Moment 
(M,) 

Positive  Moment 
(M2) 

Calculated 
Failure  Load  (kips) 

AASHTO  Equations 

145 

547 

124 

Strain  Compatibility 

241 

557 

139 

Table  5.2  Nominal  Moment  Capacities  and  Estimated  Failure  Loads  of  Bridge  #2 


Method 

Negative  Moment 
(M,) 

Positive  Moment 

(M2) 

Calculated 
Failure  Load  (laps) 

AASHTO  Equations 

118 

290 

66 

Strain  Compatibility 

198 

312 

81 
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Table  5.3  Crack  Widths  at  Diaphragm  During  Failure  Loading  of  Bridge  #1 


Crack  Width  in  Inches 

Load 
(Kips) 

North 
Side 

South 
Side 

0 

.007 

.005         j 

10 

.008 

.005 

20 

.0100 

.007 

30 

.015 

.007 

40 

.019 

.013 

50 

.020 

.015 

60 

.025 

.016 

70 

.029 

.025 

80 

.032 

.027 

90 

.038 

.035 

100 

.065 

.075 

110 

7/64 

8/64 

115 

8/64 

9/64 

120 

9/64 

10/64 

125 

13/64 

15/64 

130 

16/64 

15/64 

135 

16/64 

16/64 

*Crack  widths  less  than  0.08  inches  were  measured  using  an  optical  measuring  scale 
with  a  resolution  of  0.001  inch. 

*Crack  widths  greater  than  0.08  inches  were  measured  with  a  machinist's  ruler  having  a 
resolution  of  1/64  inch. 
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Table  5.4  Strand  Slip  at  West  End  During  Failure  Loading  of  Bridge  #1 


Load 
(kips) 

Strand 

#2 

Strand 

#4 

Strand 

#6 

Strand 

#8 

Strand 

#9 

Strand 

#11 

Strand 

#13 

Strand 

#15 

80 

0.003 

0.002 



85 

0.003 



0.002 





90 

0.003 



0.002 



95 

0.003 



0.002 



100 

0.003 





0.002 



105 

0.003 



0.002 





110 

0.003 

0.002 

115 

0.003 

0.004 



120 

0.003 



0.024 

0.004 



125 



0.003 

0.002 

0.024 



0.004 

130 

0.005 

0.045 

0.002 

0.024 

0.023 

0.059 

0.042 



135 

0.090 

0.095 

0.002 

0.136 

0.163 

0.099 

0.075 

0.055 

140 

0.189 

0.205 

0.106 

0.251 

0.305 

0.199 

0.131 

0.143 

All  values  are  in  inches.  Strand  slip  =  0.000  inches  unless  noted  otherwise. 

Strand  slip  prior  to  80  kips  was  0.000  inches  for  all  strands. 

Strand  #  corresponds  to  the  strand  position  (from  left  to  right)  when  facing  panel  ends. 


Table  5.5  Strand  Slip  at  East  End  During  Failure  Loading  of  Bridge  #1 


Load 
(laps) 

Strand 

#2 

Strand 

#4 

Strand 

#6 

Strand 

#8 

Strand 

#9 

Strand 

#11 

Strand 

#13 

Strand 

#15 

95 

0.003 





100 

0.003 

105 

0.003 





110 

0.003 



115 

0.003 

0.004 

0.002 

120 

0.003 

0.004 

0.002 

125 

0.003 

0.004 

0.002 

130 

0.003 

0.062 

0.083 



0.004 

0.002 

135 



0.003 

0.102 

0.129 

0.004 

0.052 

0.039 

All  values  are  in  inches.  Strand  slip  =  0.000  inches  unless  noted  otherwise. 

Strand  slip  prior  to  95  kips  was  0.000  inches  for  all  strands. 

Strand  #  corresponds  to  the  strand  position  (from  left  to  right)  when  facing  panel  ends. 
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Table  5.6  Crack  Widths  at  Diaphragm  During  Failure  Loading  of  Bridge  #2 


Crack  Width  in  Inches 

Load 
(Kips) 

North 
Side 

South 
Side 

0 

.020 

.018 

10 

.021 

.030 

20 

.025 

.035 

25 

.032 

.035 

30 

.035 

.038 

35 

.030 

.035 

40 

.040 

.038 

45 

.045 

.038 

50 

.045 

.038 

55 

.048 

.038 

60 

0.061 

.046 

65 

0.077 

.048 

70 

7/64 

.063 

75 

10/64 

6/64 

80 

14/64 

10/64 

*Crack  widths  less  than  0.08  inches  were  measured  using  an  optical  measuring  scale 
with  a  resolution  of  0.001  inch. 

*Crack  widths  greater  than  0.08  inches  were  measured  with  a  machinist's  ruler  having  a 
resolution  of  1/64  inch. 
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Figure  5.2  Cracks  Occurring  During  the  Initial  Loading  of  Bridge  #1  (Elevations  at  Pier) 
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Internal  Work  =  External  Work 


<£M£+i^=*M>m 


(1) 


0.133MI+0.213M2=P  +  10w 


P  =  0. 133M,  +  0.213M2  -  lOw 


(2) 
(3) 


Figure  5.37  Calculation  of  Failure  Loads  By  Virtual  Work 
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AASHTO  Nominal  Prestressed  Moments  for  Bridge  #1 


fM=fDu 
p»  pu 


fp„    =  70ksi 


f 

\ 

.     C 

1- 

•k-r- 

V 

0 

k     =  .28  for  low-relaxation  strand 


c  = 


P3  Pu 


XSMb  +  kA^f 


f  e »  6.2  ksi  for  both  bridges 
Pi    =  0.74 
b      =  96  in. 

A„  =  2.672  in2  for  Bridge  #1 
=  1.336  in2  for  Bridge  #2 
dp     =  12in.  -  1.75  in.  =  10.25  in. 


c  = 


(2.672  in2)(270  ksi) 


85(6.2)(0.74)(96)+.28(2.672) 

1.83  lV) 
10.25JJ  " 


270 


=  1.831  in. 


fp,  =  270|  1-.28 


10.25 
256.5  ksi 


Mn  =  ApL 


a  =  #c  =  0.74(1.83 1)  =  1.355  in. 


Mn  =  2.672(256.5  ksi)  10.25 


1.355 


(5.7.3.1.1-1) 


(5.7.3.1.1-4) 


(5.7.3.2.2-1) 


=  6561k-in  =  547k-ft 


Figure  5.38  Calculation  of  AASHTO  Moment  at  Prestressed  Section  (Bridge  #1) 
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AASHTO  Nominal  Prestressed  Moments  for  Bridge  #2 


fp.-fp.ll-k- 


fp„    =  70ksi 

k     =  .28  for  low-relaxation  strand 


c  = 


p*  p" 


.85fcflb  +  kAf 


f  c «  6.2  ksi  for  both  bridges 
P,    =  0.74 
b      =  96  in. 

Ap.  =  2.672  in2  for  Bridge  #1 
=  1.336  in2  for  Bridge  #2 
dp    =  12  in.  -  1.75  in.  =  10.25  in. 


(5.7.3.1.1-1) 


(5.7.3.1.1-4) 


c  = 


(1.336  in2)(270  ksi) 


.85(6.2)(0.74)(96)+.28(l.336) 


270 
10.25 


=  0.939  in. 


-        !  1--28(y^||  U 


M, 


=  V,,(dp-f) 

a  =  fie  =  0.74(0.939)  =  0.695  in. 
M0  =1336(263.1  ksi)f  10.25 — y- J  =3481  k- in  =  290  k-ft 


(5.7.3.2.2-1) 


Figure  5.39  Calculation  of  AASHTO  Moment  at  Prestressed  Section  (Bridge  #2) 
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AASHTO  Nominal  Moments  at  Pier  for  Bridge  #1 


16-#4bars 

A1=16(.2)  =  3.20in2 

d,  =  12  in.-2.5  in.-.25  in  =  9.25  in 

fy  =  60  ksi 

fc  =  6.2  ksi 

#=0.74 

b  =  96  in. 

Afy 

c  —  ■■■■  _    _    —   ■ 

3.2(60) 

(5.7.3.1.1-4 

-r  =  513  in. 

.85f  e  ^b     .85(6.2)(0.74)(96) 

a  =  #c  =  0.380 
MB  =  A/ J  d,  -  |j  =  3.2(60)f9.25  -  ~H  =  1740  k  -  in.=  145  k  -  ft 


Figure  5.40  Calculation  of  AASHTO  Moment  at  Pier  (Bridge  #1) 
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AASHTO  Nominal  Moments  at  Pier  for  Bridge  #2 


6-#6bars 


As  =  6(.44)  =  2.64  in2  d,  =  12  in.-2.5  in.-325  in  =  9. 125  in. 

fy  =  60  ksi  fc  =  6.2  ksi 

A  =  0.74  b  =  96  in. 


Afy  2.64(60)  (5.7.3.1.1-4) 

°~  .85fc>fifb  "  .85(6.2)(0.74)(96)  "        UL 


a  =  /(c  =  0.313 
MB  =  A,f Jd,  - |j  =  2.6<60)f  9.125 -—J  =  1421  k-in.=  118  k -ft 


Figure  5.41  Calculation  of  AASHTO  Moment  at  Pier  (Bridge  #2) 
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Calculation  of  Cracking  Moment  for  Bridge  #1 
Estimated  strand  stress  at  start  of  final  loading  =  174  ksi 


Estimated  Modulus  of  Rupture,  £  =  820  psi 

(average  of  flexure  beam  tests) 


P  |   Pe      Mgg     MMp_MLL_f 
A     Sue       Snc        Snc        Sc 


e  =  3  in.-1.75  in.=  1.25  in.  A  =  96(6)  =  576  in2 


96(12)2  3  96(6)2 

Sc  =  — - —  =  2304  in  SNC  =  — - —  =  576  in 

6  6 


P  =  16(0.167)(174)  =  464,930  lb 

96(6)  202 

Mrf  =Mtoo  =— ^-xl50x =  30,000  lb  -  ft  =  360,000  lb  -in. 

p        144  8 


=  -820 


464,930     464,930(1.25)     360000     360000     M^ 
576     +         576         ~     576     ~     576     ~  2304 


MLL=  3,194,000  lb -in  =  266k-ft 


Mer=Mrif+Mtep+M11=  266+30+30  =  326  k-fif 


Figure  5.46  Calculation  of  Cracking  Moment  at  Prestressed  Section  (Bridge  #1) 


212 


1- 

1- 

Q 

h- 
Q 
> 

if 

Q 

5 

T  z  t 

3 

LU 

CO 

"S  8. 

5  w 

o  *- 

— ■  05 

0)  LU 

v-  "— " 

=  c 

■—  2 

UL  g 

<i>  2. 

O)  en 

m 


CO 


CM 


(0 
<D 

sz 
o 

_c 

c 
o 

o 

V 

0) 
Q 


C/3 


s 


oo 

•o 

•c 

CQ 


60 

c 
'•3 
o 


3 

•3 

tL, 


oo 

c 
■c 

3 

Q 

'"8 

<u 

<U 

Q 

s 

o. 


o 


o 

CN 


O 
O 


o 
co 


o 

CD 


O 


o 

CN 


(sdpO  peon  p9||ddv 


213 


§ 

Ou 

on 


oo 

T3 

■d 

CQ 

(4-1 

o 

a 

CO 
O 

4) 
hi 

■a 

PL, 


00 


3 

Q 

CO 

§ 

ea 

Q 


oo 


214 


'** 

■M^H^g^^K^- -  . J^zM^hdl ^Sm^E 

— ;         -"_             -    , 

- 

. .    .., 

■■-vX.  .0..  /  ■ '.  '■■  r'^_ „^ -^  .■■''  .^  js».^-|gjy*y*  -»  ^li.'^^ 

i — ^u 

—- : 

•  ••  '■»  "a"*-.  -  ...  . 

v*v  ■         "*:  '■  *  ■■■- 

W---X 

1 

■HE^B ' 

Figure  5.49  Failure  of  Bridge  #1  at  the  Loading  Point  in  the  West  Span 
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Figure  5.51  Cracks  During  the  Failure  Loading  of  Bridge  #1  (Elevations  at  Pier) 
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Figure  5.52  Cracks  During  the  Failure  Loading  of  Bridge  #1  (East  Span  Elevations) 
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Figure  5.53  Cracks  During  the  Failure  Loading  of  Bridge  #1  (West  Span  Elevations) 
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Calculation  of  Cracking  Moment  for  Bridge  #2 
Estimated  strand  stress  at  start  of  final  loading  =  182  ksi 


Estimated  Modulus  of  Rupture,  fj  =  875  psi 

(average  of  flexure  beam  tests) 


P+  Pe      M^     Mtop      MIX_f- 
A     SNC       Sjjc        SNC        Sc 


e  =  3  in.-1.75  in.=  1.25  in.  A  =  96(6)  =  576  in2 

Sc  =  *£?)l  =  2304i„.  «„-=*&.  5Wta> 

c  6  x         6 


P  =  8(0.167)(l82)  =  1821b 

96(6)  202 

M«if  =Mtop  =— ^-x  150  x-—  =  30,000  lb -ft  =  360,000  lb -in. 


243,150     243,150(1.25)     360000     360000     M^ 
576     +         576         ~     576     ~     576     "  2304 " 


M„  =  1,324,000  lb -in  =  HOk-ft 


Ma  =  MJdf+Mtop+MIi  =  110  +  30  +  30  =  170  k-ft 


Figure  5.54  Calculation  of  Cracking  Moment  at  Prestressed  Section  (Bridge  #2) 
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Figure  5.59  Cracks  During  the  Failure  Loading  of  Bridge  #2  (Elevations  at  Pier) 
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Figure  5.60  Cracks  During  the  Failure  Loading  of  Bridge  #2  (East  Span  Elevations) 
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Figure  5.61  Cracks  During  the  Failure  Loading  of  Bridge  #2  (West  Span  Elevations) 
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Figure  5.66  Failure  of  Bridge  #2  Occurred  at  the  Edge  of  the  Loading  Plate 
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Figure  5.67  Calculation  of  Failure  Load  of  Bridge  #2  By  Virtual  Work 
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CHAPTER  6  DURABILITY  EVALUATION 

6.1  Introduction 
One  objective  of  this  study  was  to  evaluate  the  durability  of  multi-span  bridges 
constructed  with  full-span  prestressed  concrete  form  panels.  This  was  done,  in  part,  by 
assessing  the  potential  for  the  accumulation  of  chlorides  at  the  interface  between  the  CIP 
concrete  topping  and  the  prestressed  panels.  The  durability  of  these  bridges  was  also 
assessed  in  regard  to  the  resistance  to  chloride  induced  reinforcement  corrosion.  This 
chapter  contains  the  findings  of  this  study  pertaining  to  these  two  concerns.  The  results 
from  the  durability  testing  of  Bridge  #1  and  the  five  3  ft  x  3  ft  specimens  described  in 
Chapter  3  are  presented. 

6.2  Durability  Assessment  of  Bridge  #1 
Following  2  million  cycles  of  applied  load,  a  portion  of  Bridge  #1  was  subjected  to 
48  weeks  of  southern  exposure  cycling  [26]  in  order  to  simulate  the  effects  of  long-term 
exposure  to  chlorides.  This  weekly  cycle  consisted  of  4  days  of  exposure  to  a  15% 
sodium  chloride  solution  (salt  water)  followed  by  3  days  of  drying  at  a  minimum  of  100°  F 
(38°  C).  The  area  subjected  was  the  negative  moment  region  over  the  center  support. 
After  the  salt  water  was  applied,  the  bridge  was  loaded  to  20.8  kips  in  each  span  using  the 
hydraulic  actuators.  The  load  was  held  for  10  seconds  and  then  decreased  to  zero.  This 
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loading  was  done  ten  times  each  week,  to  hold  the  cracks  open  at  the  pier  and  facilitate 
the  penetration  of  chlorides  into  the  bridge  deck.  The  bridge  was  also  subjected  to  5 
cycles  of  similar  loading  during  the  drying  period. 

6.2.1  Chloride  Ion  Powder  Samples  Taken  From  Bridge  #1 
Chloride  ion  powder  samples  were  extracted  from  the  ponded  region  of  Bridge  #1 
after  every  12  weeks  of  exposure  cycling.  These  samples  were  obtained  during  the  drying 
period  using  a  hammer  drill.  Holes  were  drilled  at  one-half  inch  increments  to  a  depth  of 
at  least  seven  inches  (through  the  CIP  topping  and  into  the  precast  panels).  The  concrete 
powder  was  then  tested  at  INDOT's  Materials  and  Testing  Facility  to  determine  the  total 
chloride  ion  content  using  the  AASHTO  Standard  Test  T  260  procedure  [29]. 

These  powder  samples  were  the  primary  means  of  evaluating  the  potential  for 
chloride  accumulation  at  the  interface  of  the  CIP  topping  and  precast  panels.  An 
accumulation  of  chlorides  at  the  interface,  if  existing,  would  be  manifested  in  higher  total 
chloride  ion  concentrations  in  powder  samples  taken  at  that  leveL  Powder  samples  were 
extracted  from  the  ponded  region  near  cracks  in  the  CIP  topping,  and  at  locations  away 
from  all  cracking.  The  locations  of  the  powder  sample  holes  drilled  after  12,  24,  36,  and 
48  weeks  of  ponding  are  shown  in  Figures  6. 1  through  6.4,  respectively.  These  figures 
also  list  the  depth  of  each  hole  as  well  as  the  thickness  of  the  CIP  topping  at  the  hole 
location.  The  thickness  of  the  CIP  topping  varied  due  to  camber  of  the  panels,  and  was 
approximately  7  inches  at  the  panel  ends  and  6  inches  at  midspan.  The  total  measured 
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chloride  ion  concentrations  corresponding  to  these  holes  are  shown  in  Tables  6. 1  through 
6.4.  In  these  tables  the  location  of  the  interface  is  indicated  by  a  heavy  line. 

Figure  6. 1  shows  that  two  holes  (holes  G  and  H)  were  drilled  at  locations  outside 
of  the  ponded  region.  The  chloride  concentrations  corresponding  to  these  holes  are  base 
values  for  the  concrete.  The  average  (mean)  base  value  for  these  two  holes  was  2.61 
pounds  per  cubic  yard.  These  base  chloride  ion  concentrations  are  extremely  high  for 
concrete.  Typical  chloride  base  values  for  concrete  are  less  than  1.00  pounds  per  cubic 
yard.  In  order  to  confirm  the  high  values  of  base  chlorides,  powder  samples  were  also 
tested  at  two  depths  from  hole  FF  (see  Figure  6.3)  at  the  INDOT  laboratory  and  at  The 
Erlin  Company  (TEC)  laboratory  in  Latrobe,  PA.  The  total  chloride  ion  contents  (in 
pounds  per  cubic  yard)  were  reported  as  3.02  and  2.39  by  the  INDOT  lab  and  2.42  and 
2.02  by  the  Erlin  lab.  These  high  base  values  are  believed  to  be  due  to  high  chloride 
concentrations  in  the  concrete  aggregates.  In  addition,  25  random  powder  samples  were 
taken  from  the  CIP  concrete  at  areas  outside  of  the  ponded  region.  The  locations  of  these 
random  samples  were  determined  by  generating  random  numbers  for  the  quadrant  of  the 
bridge,  transverse  and  longitudinal  distances,  and  the  sampling  depth  using  a  spreadsheet. 
The  locations  of  these  samples,  as  well  as  the  corresponding  chloride  ion  concentrations, 
are  shown  in  Table  6.5.  These  25  samples  had  an  average  (mean)  of  2.13  lb/yd3  and  a 
standard  deviation  of  0.44  lb/yd3.  If  the  samples  are  normally  distributed,  then  there  is  a 
95%  probability  that  chloride  ion  concentrations  higher  than  3.01  (mean  +  2  standard 
deviations)  are  due  to  chlorides  induced  by  the  exposure  cycling.  Therefore,  when 
viewing  powder  sample  data,  the  depth  of  chloride  penetration  into  the  bridge  deck  is 
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approximately  equal  to  the  location  of  the  deepest  sample  where  chloride  concentrations 
exceed  3.01  (say  3)  pounds  per  cubic  yard.     Following  this  rationale,  the  chloride 
penetration,  by  diffusion,  after  12  weeks  of  exposure  cycling  was  approximately  2  1/2 
inches  (see  Table  6.1  -  holes  A,  B,  C,  and  D  which  are  not  near  cracks).  After  24  weeks, 
the  chloride  penetration  is  approximately  3  1/2  inches  (see  Table  6.2  -  holes  N,  O,  P,  and 
Q).  After  36  weeks,  the  depth  of  chloride  penetration  was  approximately  4  inches  (see 
Table  6.3  -  holes  BB,  CC,  DD,  and  EE).  At  48  weeks,  the  depth  of  chloride  penetration 
was  approximately  4  1/2  to  5  inches  (see  Table  6.4  -  holes  MM,  NN,  OO,  and  PP).  Thus, 
after  48  weeks  of  ponding,  the  chloride  penetration  had  not  reached  the  depth  of  the 
interface  (between  6  3/8  inches  and  7  inches  in  the  ponded  region).  Since  chlorides  due  to 
exposure  cycling  were  not  found  below  a  depth  of  5  inches  at  holes  located  away  from  all 
cracking,  a  build-up  of  chlorides,  if  existing,  must  be  located  near  the  cracks  in  the  CIP 
topping. 

Figures  6.3  shows  that  holes  V,  W,  and  X  (drilled  after  36  weeks  of  exposure 
cycling)  were  located  at  distances  of  3,  6,  and  9  inches,  respectively,  from  a  transverse 
crack.  Figure  6.3  also  indicates  that  the  topping  thickness  at  these  holes  was 
approximately  6  3/4  inches.  The  corresponding  chloride  concentrations  for  these  3  holes 
are  shown  in  Figure  6.5.  This  figure  shows  that  the  chloride  concentrations  at  the  hole 
located  3  inches  from  the  crack  were  approximately  9  lb/yd3  at  a  depth  of  6  3/4  inches  (the 
location  of  the  interface).  Figure  6.5  does  not  show  chloride  contents  to  be  higher  at  the 
level  of  the  interface  than  at  levels  above  and  below  this  point,  as  would  be  expected  if 
chlorides  were  accumulating  at  the  interface.  At  the  holes  located  at  distances  of  6  inches 
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and  9  inches  from  the  crack  the  total  chloride  ion  concentrations  at  a  depth  of  6  3/4  inches 
were  approximately  equal  to  2  1/2  lb/yd3  (base  values  for  the  concrete).  Therefore,  any 
accumulation  of  chlorides  at  the  interface  of  the  CIP  concrete  topping  and  precast  panels, 
if  occurring,  remained  within  6  inches  of  the  crack  location  during  the  36  weeks  of 
exposure  cycling. 

Figure  6.6  shows  the  results  from  powder  samples  taken  at  3  additional  holes  near 
transverse  cracks  after  36  weeks  of  exposure  cycling.  The  depth  of  the  CIP  topping  was 
approximately  7  inches  at  these  hole  locations.  Figure  6.6  shows  that  powder  samples 
taken  from  hole  Z,  which  was  directly  on  a  crack,  had  a  considerably  higher  chloride  ion 
content  at  the  level  of  the  interface  than  at  adjacent  levels,  indicating  an  accumulation  of 
chloride  had  occurred  at  the  crack  location.  Hole  Y,  which  was  located  only  6  1/2  inches 
from  hole  Z,  does  not  show  a  similar  increase.  This  indicates  that  the  build-up  of  chlorides 
that  occurred  at  the  crack  location  remained  isolated  at  the  crack  location  during  the  36 
weeks  of  exposure.  The  chloride  concentrations  at  hole  AA  were  similar  to  those  at  hole 
Y,  revealing  that  an  accumulation  of  chlorides  had  not  occurred  at  this  location. 

Similarly,  Figures  6.4  shows  that  holes  HH,  II,  JJ,  KK,  and  LL  (drilled  after  48 
weeks  of  exposure  cycling)  were  located  at  distances  of  0,  3,  6,  9,  and  12  inches, 
respectively,  from  a  transverse  crack.  Figure  6.4  also  indicates  that  the  topping  thickness 
at  these  hole  locations  was  approximately  6  3/4  inches.  The  corresponding  chloride  ion 
contents  for  these  holes  are  shown  in  Figure  6.7.  Figure  6.7  shows  that  chloride  ion 
contents  at  the  crack  location  and  3  inches  away  were  26  lb/yd3  and  14  lb/yd3, 
respectively,  at  the  depth  of  the  interface.  While  these  values  are  higher  than  the  base 
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values  of  the  concrete,  they  are  not  significantly  higher  than  the  chloride  ion  contents  from 
the  same  hole  at  depths  immediately  above  and  below  the  interface,  as  would  be  expected 
if  there  was  an  accumulation  of  chlorides  at  this  leveL  At  holes  located  6,  9,  and  12  inches 
from  the  same  crack  the  chloride  ion  contents  at  the  interface  were  between  one  1  and  3 
lb/yd3  (base  values  for  the  concrete).  Therefore,  any  accumulation  of  chlorides  due  to  the 
exposure  cycling,  if  existing,  was  confined  within  6  inches  of  this  crack  location  during  the 
48  weeks  of  exposure  cycling. 

Figure  6.8  shows  the  results  from  powder  samples  taken  at  3  additional  holes  near 
transverse  cracks  after  48  weeks  of  exposure  cycling.  Each  of  these  holes  were  located 
between  two  transverse  cracks,  and  the  corresponding  distances  to  the  cracks  are 
indicated  in  Figure  6.8.  The  depth  of  the  CIP  topping  was  between  6  3/4  inches  and  7 
inches  at  these  hole  locations.  This  figure  shows  a  very  small  increase  in  the  chloride  ion 
concentration  at  depth  of  6  3/4  inches  for  hole  GG,  which  was  only  5  inches  from  a 
transverse  crack.  This  increase  (from  9.1  lb/yd3  at  a  depth  of  6  1/4  inches  to  10.4  lb/yd3  at 
a  depth  of  6  3/4  inches)  might  indicate  an  accumulation  of  chlorides  at  the  interface. 
However,  since  the  increase  is  so  small,  it  may  be  due  to  differences  in  base  values  of  the 
two  locations.  Table  6.5  shows  that  the  base  chloride  values  measured  for  the  25  random 
samples  varied  from  1.  lib/yd3  to  3.4  lb/yd3.  Figure  6.8  shows  that  no  build-up  of 
chlorides  was  observed  for  holes  QQ  and  RR,  which  were  at  least  7  inches  from  a  crack. 
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6.2.2  Summary  of  Chloride  Ion  Powder  Samples 
The  data  obtained  from  the  chloride  ion  powder  samples  taken  throughout  the  48 
weeks  of  exposure  cycling  showed  that  chloride  penetration  did  not  reach  the  level  of  the 
interface  at  locations  which  were  at  least  12  inches  from  observed  cracks.  The  depth  of 
chloride  penetration  was  approximately  5  inches  after  48  weeks  of  ponding,  while  the 
depth  of  the  interface  was  between  6  3/8  inches  and  7  inches  in  the  exposed  region.  An 
accumulation  of  chlorides  at  the  level  of  the  interface  was  detected  from  powder  samples 
taken  at  a  hole  drilled  directly  on  a  crack.  However,  a  build-up  of  chlorides  was  not 
indicated  from  numerous  powder  samples  taken  at  holes  that  were  6  inches  or  more  from 
observed  cracks.  Therefore,  any  accumulation  of  chlorides  that  occurred  at  the  interface 
of  the  CIP  topping  and  precast  panels  remained  isolated  at  the  crack  locations  during  the 
48  weeks  of  the  exposure  cycling. 

6.2.3  Comparison  of  Chloride  Data  With  Data  From  Bridges  In  Service 
While  the  powder  sample  data  showed  that  a  widespread  build-up  of  chlorides  did 
not  occur  during  the  48  weeks  of  exposure  cycling,  the  actual  time  simulated  by  this 
cycling  remained  uncertain.  In  order  to  estimate  the  amount  of  time  represented  by  the  48 
weeks  of  southern  exposure  cycling,  the  chloride  powder  sample  data  obtained  from 
Bridge  #1  was  compared  with  similar  data  from  bridges  located  throughout  the  state  of 
Indiana.  This  data  was  obtained  from  INDOT  and  from  reference  [27].  Only  data  from 
bridges  which  still  had  their  original  concrete  decks,  without  overlays,  was  used  in  this 
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comparison.  Also,  the  powder  sample  data  from  Bridge  #1  used  for  comparison  with 
other  bridges  corresponded  to  holes  located  at  least  12  inches  from  observed  cracks. 

Figures  6.9  through  6.14  show  the  chloride  ion  concentrations  obtained  from 
Bridge  #1  compared  with  similar  data  from  six  bridges  that  had  been  in  service  over  10 
years,  but  had  not  been  previously  overlaid.  These  figures  each  show  2  curves  intersecting 
vertical  lines.  The  curves  represent  the  average  (mean)  chloride  concentrations  for  each 
bridge,  while  the  vertical  lines  depict  the  range  of  values  obtained  from  powder  samples  at 
the  indicated  depth.  The  numerical  values  of  the  chloride  concentrations  for  these  six 
bridges  are  shown  in  Figures  6.15  through  6.17. 

Figures  6.9  compares  the  chloride  concentrations  of  Bridge  #1  with  concentrations 
from  a  bridge  in  Gary,  IN  that  was  tested  after  being  in  service  for  13  years.  This  bridge 
was  located  in  the  northwest  region  of  Indiana,  where  deicing  salt  usage  is  the  highest  in 
the  state.  This  figure  shows  that  the  chloride  ion  concentrations  from  Bridge  #1  are 
considerably  higher  than  those  from  the  13-year-old  deck  at  all  depths  tested.  This  was 
the  case  for  all  other  bridges  compared.  Figure  6.10  shows  the  results  from  a  13-year-old 
Bridge  near  South  Bend,  Indiana  (also  in  the  northwest  corner  of  the  state  where  deicing 
salt  usage  is  highest).  Figure  6.1 1  shows  the  results  from  a  17-year-old  Bridge  in  Jennings 
County,  Indiana  (in  the  southeast  corner  of  the  state).  Figures  6.12  and  6.13  shows  the 
results  from  a  20-year-old  bridge  and  a  24- year-old  bridge,  both  on  interstate  1-70  near 
Indianapolis,  Indians  (at  the  center  of  the  state).  Figure  6.14  shows  the  results  from  a  35- 
year-old  Bridge  in  Carroll  County,  Indiana  (in  the  north-central  part  of  the  state). 
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Since  the  chloride  ion  concentrations  from  Bridge  #1  exceeded  the  concentrations 
of  all  bridges  in  Indiana  from  which  data  was  available,  additional  field  sampling  was 
required.  A  database  search  was  made  by  INDOT  personnel  to  identify  the  oldest 
concrete  deck  in  the  central  part  of  the  state  which  had  not  been  previously  overlaid.    The 
bridge  identified  was  a  37-year-old,  four-span  reinforced  concrete  bridge  on  State  Road 
144  near  Mooresville,  IN  (see  Figure  6.18).  This  bridge  deck  was  badly  deteriorated, 
having  large  areas  of  delamination  and  cracking  over  the  transverse  rebars.  The  deck 
appeared  to  have  been  in  need  of  repair  for  a  long  time,  as  numerous  asphalt  patches  had 
been  used  to  fill  holes  in  the  concrete  (over  120  patches  were  counted).  Most  of  these 
patches  were  in  the  eastbound  lane.  This  was  believed  to  be  due  to  heavier  deicing  salt 
applications  in  this  lane,  since  a  traffic  signal  was  located  only  a  few  hundred  feet  to  the 
east  of  the  bridge.  Therefore,  all  powder  samples  were  taken  from  the  eastbound  lane,  at 
locations  away  from  delaminations  and  cracking.  Figure  6.19  shows  the  location  of 
powder  samples  and  cores  taken  from  this  bridge,  as  well  as  the  number  of  patches 
counted  in  each  span  (and  lane)  of  the  bridge.  The  cores  were  tested  for  both  compressive 
strength  and  chloride  permeability.  The  measured  concrete  compressive  strengths  were 
3670  psi  and  3970  psi  Rapid  Chloride  Ion  Permeability  testing  yielded  values  of  1561 
and  1359  coulombs,  indicating  the  concrete  had  a  low  permeability.  Figure  6.20  shows 
the  comparison  of  the  chloride  concentrations  from  Bridge  #1  with  those  from  the  37- 
year-old  bridge  near  Mooresville,  IN.  At  every  depth  sampled,  the  chloride  concentrations 
in  Bridge  #1  exceeded  the  chloride  concentrations  in  the  37-year-old  Bridge.  Thus,  the 
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chloride  concentrations  in  Bridge  #1  after  48  weeks  of  ponding  exceeded  the  level  of 
chlorides  in  all  Indiana  bridges  from  which  data  was  available. 

The  actual  time  represented  by  the  48  weeks  of  ponding  can  be  estimated  using  the 
data  from  the  7  bridges  previously  discussed,  by  assuming  a  linear  variation  of  chlorides 
(induced  by  diffusion  through  the  concrete)  with  time.  This  assumption  yields  a  lower- 
bound  estimate  of  time  due  to  the  nature  of  diffusion  through  a  porous  medium  as 
discussed  below. 

The  diffusion  of  chlorides  into  concrete  can  be  represented  using  Fick's  diffusion 
equation  [28]  as  follows: 


C(x,t)  =C0  1-erf 


2VDct 


(6.1) 


where 

C(x,t)    =  chloride  concentration  at  depth  x  after  time  t 

C0       =  surface  chloride  concentration 

Dc       =  Chloride  diffusion  constant  for  the  concrete 

erf      =  the  error  function  (from  standard  mathematical  tables) 

x         =  depth  of  interest 

t         =  elapsed  time 

Equation  6. 1  indicates  the  chloride  concentration  at  a  given  depth  is  a  function  of 
the  chloride  concentration  at  the  surface,  the  diffusion  characteristics  of  the  concrete,  and 
the  elapsed  time.  Figure  6.21  shows  the  variation  of  chloride  concentrations  with  time, 
calculated  using  Equation  6.1,  at  depths  of  1,  2,  3,  and  4  inches.  In  this  graph,  the 
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chloride  concentrations  (Qx,t))have  been  normalized  with  respect  to  the  surface 
concentration  (C0).  The  value  of  the  chloride  diffusion  constant  (Dc)  used  to  generate 
Figure  6.18  was  0.09  in2/yr,  the  value  recommended  for  bridges  in  Indiana  by  reference 
[28].  This  figure  shows  that  at  shallow  depths,  a  two-fold  increase  in  time  will  result  in 
chloride  concentrations  that  are  less  than  doubled.  Therefore,  when  estimating  the  time 
represented  by  the  southern  exposure  cycling,  a  linear  extrapolation  of  the  chloride 
concentration  data  taken  from  bridges  in  service  will  yield  upper-bound  values  for  the 
chloride  concentrations,  and  therefore  lower-bound  (conservative)  estimates  of  time.  For 
example,  the  average  chloride  concentration  at  a  depth  of  3/4  inches  for  the  37-year-old 
bridge  near  Mooresville,  IN  was  15.5  lb/yd3.    If  this  bridge  were  in  service  for  an 
additional  37  years,  an  estimated  upper-bound  value  for  the  average  chloride 
concentration  at  the  same  depth  (assuming  no  additional  cracking  or  delaminations  occur) 
would  be  31.0  lb/yd3. 

The  time  represented  by  the  48  weeks  of  exposure  cycling,  in  terms  of  chloride 
penetration,  was  estimated  by  this  linear  extrapolation  technique  using  data  from  the  7 
bridges  previously  discussed.  The  results  of  these  estimations  are  shown  in  Table  6.6. 
This  table  includes  2  estimates  of  time  from  each  bridge.  The  first  estimate  is  an  average 
time  based  on  chloride  data  from  the  top  three  inches  of  concrete.  The  second  estimate 
uses  the  average  of  chloride  data  within  depths  of  one  to  three  inches.  This  estimate  was 
also  calculated  since  levels  of  chlorides  at  the  surface  of  bridges  are  sometimes  less  than 
those  below  the  surface  because  some  surface  chlorides  are  dissolved  and  washed  away  by 
precipitation.  However,  all  times  calculated  without  the  data  from  the  top  inch  of 
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concrete  were  higher  than  those  including  the  top  inch  of  concrete.  Therefore,  the 
following  discussion  will  focus  on  the  values  obtained  using  chloride  concentration  data 
from  depths  zero  to  three  inches. 

Table  6.6  shows  that  the  minimum  time  represented  by  the  exposure  cycling  was 
calculated  as  45  years.  This  was  extrapolated  from  the  chloride  data  from  the  13-year-old 
bridge  near  Gary,  IN.  This  bridge  was  located  in  the  northwest  corner  of  the  state,  where 
snow  fall  is  heaviest  and  deicing  salt  usage  is  most  severe.  The  estimated  time  from  the 
other  bridge  in  this  part  of  the  state,  the  13-year-old  bridge  in  South  Bend,  IN,  was  72 
years.  The  maximum  calculated  time  represented  by  the  exposure  cycling  (187  years)  was 
obtained  using  data  from  the  37-year-old  structure  near  Mooresvilk,  IN.  This  was  the 
oldest  bridge  from  which  data  was  available,  and  was  located  in  the  central  part  of  the 
state.  Table  6.6  shows  that  calculations  based  on  older  structures  yielded  higher  time 
estimates  than  those  based  on  younger  structures.  The  author  believes  this  is  due  to  the 
linear  extrapolation  method,  which  is  more  conservative  for  younger  structures.  For 
example,  if  a  5  year  old  structure  had  a  chloride  concentration  of  10  lb/yd3  at  a  depth  of  1 
inch,  the  value  at  the  same  depth  after  15  years  would  be  extrapolated  as  30  lb/yd3.    Due 
to  the  nature  of  diffusion,  however,  this  estimated  value  would  be  excessive.  On  the  other 
hand,  if  data  were  available  for  the  same  bridge  after  10  years,  the  chloride  concentration 
at  the  same  depth  might  be  15  lb/yd3.  If  this  data  were  extrapolated  to  15  years  it  would 
only  be  22.5  lb/yd3. 

It  is  also  important  to  note  the  values  of  the  chloride  concentrations  near  the 
surface  of  Bridge  #1  after  48  weeks  of  exposure  cycling.  The  average  chloride 
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concentration  within  the  top  1/2  inch  of  concrete  was  60  lb/yd3  and  the  average  for  the  top 
inch  of  concrete  was  49  lb/yd3.  These  values  were  approximately  twice  as  high  as  the 
maximum  chloride  concentrations  recorded  for  bridges  in  the  state  of  Indiana.  Previous 
research  has  shown  that  the  chloride  concentrations  near  the  top  surface  of  bridge  decks 
tend  to  equilibrate  at  some  relatively  constant  value  [6].  At  the  surface  and  for  some  very 
shallow  depth,  the  chloride  concentrations  will  vary  seasonally,  being  higher  in  the  winter 
and  lower  in  the  summer.  These  fluctuations  result  in  chloride  concentrations  which 
approach  an  upper  limit  with  time.  Therefore,  the  chloride  concentrations  obtained  during 
the  exposure  cycling  of  Bridge  #1  may  represent  values  which  exceed  the  maximum 
possible  values  for  a  bridge  subjected  to  seasonal  changes,  irrespective  of  time. 

6.2.4  Summary  of  Comparisons  With  Other  Bridges 
The  chloride  concentrations  in  Bridge  #1,  resulting  from  the  48  weeks  of  exposure 
cycling,  were  higher  than  available  chloride  concentration  data  from  all  bridges  in  Indiana. 
The  available  data  was  from  bridges  tested  between  the  ages  of  13  and  37  years,  the  latter 
representing  the  oldest  bridge  in  the  central  part  of  the  state  which  had  not  been  previously 
overlaid  or  resurfaced.  Conservative  (lower-bound)  estimates  of  the  time  represented  by 
the  exposure  cycling,  in  terms  of  chloride  penetration  into  the  deck,  were  made  by  linearly 
extrapolating  the  available  chloride  data  from  these  bridges.  These  estimates  show  the 
laboratory  ponding  represented  a  minimum  of  45  years  of  exposure  to  chlorides  in  the 
northwest  portion  of  the  state,  where  deicing  salt  usage  is  heaviest.  Estimates  of  the 
represented  time  of  exposure  in  other  parts  of  the  state  were  higher.  Therefore,  the 
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chloride  penetration  resulting  from  the  48  weeks  of  exposure  cycling  is  believed  to  have 
surpassed  the  chloride  penetration  which  could  be  expected  during  the  life  of  concrete 
bridge  decks  in  the  field. 

6.2.5  Concrete  Permeability 

Rapid  Chloride  Ion  Permeability  testing  of  the  CIP  concrete  and  precast  concrete 
used  in  Bridge  #1  was  performed  both  during  and  after  the  southern  exposure  cycling. 
The  results  of  this  testing,  as  well  as  the  results  from  permeability  testing  of  the  concrete 
used  in  Bridge  #2  and  the  3  ft  x  3  ft  durability  specimens,  are  shown  in  Figure  6.22. 
AASHTO  classifies  chloride  permeability  as  "very  low"  if  the  charge  passed  is  less  than 
1000  coulombs.  Additional  classifications  are  "low"  if  the  charge  passed  is  between  1000 
and  2000  coulombs,  "moderate"  if  the  charge  passed  is  between  2000  and  4000  coulombs, 
and  "high"  if  the  charge  passed  is  above  4000  coulombs.  Figure  6.22  shows  that  precast 
concrete  in  Bridge  #1  had  a  low-moderate  permeability,  while  the  "Class  A"  CIP  concrete 
had  a  high  permeability.  This  represented  the  most  severe  condition  in  terms  of  a  potential 
build-up  of  chlorides  at  the  interface  between  the  CIP  concrete  and  the  precast  concrete, 
as  chloride  permeability  in  the  horizontal  direction  at  the  interface  was  likely  higher  than 
the  chloride  permeability  in  the  vertical  direction. 

As  expected,  the  'Class  C"  CIP  concrete  in  the  3  ft  x  3  ft  durability  specimens 
performed  better  (in  the  rapid  chloride  ion  permeability  tests)  than  the  "Class  A"  CEP 
concrete  in  Bridge  #1.  The  "Class  C"  concrete  had  a  higher  cement  content  than  the 
"Class  A"  concrete,  and  is  the  current  mix  used  for  ENDOT  Bridge  Decks.  Rapid  chloride 
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ion  permeability  testing  of  the  5-month-old  "modified  Class  C"  CIP  concrete  in  Bridge  #2 
yielded  unusually  high  coulomb  results.  These  values  may  not  accurately  reflect  the 
concrete's  ability  to  resist  chloride  penetration.  Fly  ash  was  used  as  a  mineral  admixture 
and  may  have  changed  the  electrical  properties  of  the  concrete  pore  solution  [49].  Strict 
interpretation  of  the  coulomb  results  according  to  the  AASHTO  T277  Test  Method  [14] 
is  not  accurate  for  all  mixes. 

6.2.6  Results  From  Impact-Echo  Testing 
Impact-echo  testing  was  conducted  at  various  places  within  the  ponded  region  of 
Bridge  #1  following  the  5  million  cycles  of  applied  service  loading  and  the  48  weeks  of 
southern  exposure  cycling,  but  prior  to  the  final  loading  to  failure.  These  results  were 
compared  with  results  from  readings  taken  outside  of  the  ponded  region,  revealing  that 
there  had  not  been  any  delamination  at  the  level  of  the  interface  or  the  level  of  the  top  mat 
of  steeL  In  addition,  impact-echo  testing  was  conducted  during  the  final  loading  at  load 
increments  of  55,  100,  and  120  kips,  respectively,  and  also  after  flexural  failure  had 
occurred  at  the  point  of  loading.  The  results  from  this  testing  clearly  indicated  that  there 
had  been  no  significant  separation  between  the  topping  concrete  and  the  precast  panels 
due  to  the  final  loading.  Figure  6.23  shows  the  amplitude  spectrums  corresponding  to 
impact-echo  tests  conducted  prior  to,  and  after  loading  to  failure.  This  figure  shows  that 
the  dominant  frequency  before  and  after  loading  to  failure  was  essentially  the  same  (about 
6.5  kHz),  indicating  that  there  had  not  been  any  delamination  or  reduction  in  composite 
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action.  This  is  consistent  with  the  results  discussed  in  Chapter  5,  where  it  was  noted  that 
the  full  composite  nominal  moment  capacity  was  attained. 

6.2.7  Measured  Corrosion  Current  in  Bridge  #1 
Corrosion  currents  flowing  between  the  epoxy  coated  steel  in  the  CIP  topping  and 
the  uncoated  mat  of  steel  in  the  precast  panels  were  monitored  weekly  during  the  southern 
exposure  cycling  of  Bridge  #1,  at  the  end  of  the  drying  phase.  These  currents  are,  by 
nature,  proportional  to  the  rate  of  corrosion  occurring  at  the  time  of  measurement.  Since 
measurements  were  taken  using  the  voltmeter  "common"  lead  attached  to  the  bottom 
bars,  negative  currents  reflect  positive  galvanic  action,  where  the  top  bar  acts  as  the 
anode.  The  corrosion  currents  corresponding  to  epoxy-coated  reinforcement  within  the 
ponded  region  are  shown  in  Figure  6.24,  while  corrosion  currents  corresponding  to  epoxy 
coated  reinforcement  outside  of  the  ponded  region  are  shown  in  Figure  6.25.  Figure  6.24 
shows  that  corrosion  current  within  the  ponded  area  of  the  deck  increased  after  only  one 
week  of  exposure,  indicating  corrosion  of  the  epoxy-coated  bars  had  begun.  The 
corrosion  current  continued  to  increase  until  about  week  8,  when  it  reached  about  150  u\A 
(micro-amps),  then  began  slowly  decreasing  until  week  28.  At  week  28  there  is  a  large 
increase  in  the  corrosion  currents,  with  additional  increases  until  week  35,  when  the 
corrosion  current  was  approximately  760  jiA  After  week  35,  there  is  considerable 
fluctuation  in  the  corrosion  current  but  it  remains  above  550  jjA. 

The  currents  measured  after  only  one  week  of  exposure  must  have  been  caused  by 
corrosion  at  the  crack  locations,  since  powder  sample  data  revealed  that  chloride  ions  did 
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not  reach  the  level  of  reinforcement  (by  diffusion)  until  the  bridge  had  been  subjected  to 
approximately  22  more  weeks  of  exposure.  The  decrease  in  corrosion  currents  between 
weeks  13  and  28  may  have  been  the  result  of  lower  relative  humidities  in  the  laboratory,  as 
this  period  corresponded  to  the  period  between  September  and  January,  when  the 
laboratory  heating  system  was  being  used.    The  increase  in  corrosion  currents  beginning 
at  week  28  is  believed  to  have  been  due  to  the  onset  of  widescale  corrosion  of  the  epoxy 
coated  bars  at  locations  away  from  cracks.  Figure  6.26  shows  the  average  chloride  ion 
concentrations  at  the  depth  of  the  epoxy-coated  steel  reinforcement  obtained  from  powder 
samples  taken  after  12,  24,  36,  and  48  weeks  of  exposure  cycling.  The  minimum  chloride 
concentration  shown  is  3  lb/yd3.  This  corresponds  to  the  mean  base  chloride  value  plus  2 
standard  deviations  (refer  to  section  6.2.1).  Concentrations  above  this  value  likely 
correspond  to  chlorides  induced  by  salt-water  ponding  of  the  bridge.  Figure  6.26 
indicates  that  chlorides  reached  the  level  of  the  epoxy-coated  reinforcement  after  about  24 
weeks  of  ponding.  This  was  only  4  weeks  prior  to  the  large  increase  in  corrosion  current, 
which  occurred  after  28  weeks  of  exposure  cycling.  Figure  6.25  shows  the  measured 
corrosion  currents  for  the  epoxy-coated  reinforcement  which  was  outside  of  the  ponded 
region.  This  figure  shows  that  corrosion  currents  were  essentially  zero  until  week  39  for 
the  west  end  of  the  bridge  and  week  44  for  the  east  end,  at  which  time  corrosion  began. 
This  indicated  corrosion  is  believed  to  have  occurred  at  the  ends  of  the  epoxy  coated  bars 
which  extended  about  6  inches  into  the  ponded  area. 

Figure  6.27  shows  the  typical  variation  of  corrosion  current  within  the  ponded 
region  during  the  weekly  cycle.  The  data  for  this  figure  was  obtained  by  monitoring  the 
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corrosion  current  at  30  minute  intervals  using  a  data  acquisition  system.  This  was  done 
during  several  weeks  of  ponding,  the  results  of  which  all  exhibited  the  same  trend.  In 
Figure  6.27,  day  zero  corresponded  to  the  application  of  the  15%  sodium  chloride 
solution.  The  application  of  salt  water  resulted  in  an  immediate  decrease  in  the  corrosion 
current.  The  current  continued  to  decrease  with  time,  but  at  a  reduced  rate.  After  about  3 
1/2  days,  at  the  time  the  salt  water  was  removed  and  the  drying  phase  began,  the  corrosion 
current  increased  suddenly.  This  current  then  increased  throughout  the  remainder  of  the 
week.  The  author  believes  this  phenomenon  was  caused  by  the  availability  of  oxygen.  At 
day  zero,  the  application  of  salt  water  meant  that  the  entire  surface  was  covered  and  the 
oxygen  required  for  the  corrosion  reactions  would  decrease,  causing  a  decrease  in  the 
corrosion  rate.  When  the  salt  water  was  removed,  however,  the  moist  environment 
coupled  with  an  oxygen  rich  environment  would  cause  an  increase  in  the  rate  of  corrosion. 
Since  all  weekly  corrosion  readings  were  taken  at  the  end  of  day  six  (just  before  applying 
the  sodium  chloride  solution),  these  should  reflect  the  highest  level  of  corrosion  activity 
occurring  during  that  week. 

6.2.8  Half-Cell  Potentials  (Bridge  #1) 
Copper-copper  sulfate  half-cell  potentials  were  measured  weekly  during  the  drying 
phase  of  the  exposure  cycling.  These  weekly  measurements  were  taken  at  the  locations 
shown  in  Figure  3.13.  Electrical  connections  were  made  to  the  epoxy-coated  bars  at  the 
places  shown  in  Figure  3.14.  Figures  6.28  and  6.29  show  the  half-cell  potentials  recorded 
inside  and  outside  of  the  ponded  region,  respectively  during  the  48  weeks  of  exposure 
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cycling.  The  half-cell  potentials  shown  in  Figure  6.28  were  taken  at  the  center  pier, 
directly  over  the  diaphragm.  This  figure  shows  a  sharp  decrease  in  the  half-cell  potentials 
during  the  first  two  weeks  of  exposure  cycling.  The  half-cell  potentials  then  stabilized  and 
increased  slightly  until  week  28,  when  another  decrease  occurred.  These  changes  agree 
well  with  the  two  noted  changes  observed  in  the  corrosion  current  readings  (during  the 
first  week  and  at  week  28).  Corrosion  currents  indicated  that  corrosion  of  the  epoxy 
coated  reinforcement  began  during  the  first  week  of  exposure  cycling.  Figure  6.28  shows 
that  the  half-cell  potentials  at  the  diaphragm  after  one  week  of  exposure  were  about  -0.42 
volts.  This  value  is  more  negative  than  -0.35  volts,  the  empirical  number  corresponding  to 
the  95%  confidence  interval  for  corrosion  activity  in  uncoated  bars.  The  decrease  in  half- 
cell  potentials  at  week  28  corresponds  to  a  substantial  increase  in  the  rate  of  corrosion,  as 
indicated  by  the  measured  corrosion  currents. 

The  half-cell  potentials  shown  in  Figure  6.29  were  taken  outside  of  the  ponded 
region,  near  the  discontinuous  ends  of  the  bridge  (refer  to  Figure  3.13).  This  figure  shows 
that  during  the  first  39  weeks  of  exposure  cycling,  the  half-cell  potentials  were  higher 
(more  positive)  than  -0.20  volts,  the  number  corresponding  to  the  95%  confidence  interval 
for  no  corrosion  activity  in  black  bars.  After  week  39,  however,  the  half-cell  potentials 
decrease  below  -0.20  volts  yet  remain  more  positive  than  -0.35  volts.  Half-cell  potentials 
for  uncoated  bars  within  this  range  indicate  the  corrosion  activity  is  uncertain.  The  change 
in  half-cell  potentials  during  the  last  8  weeks  of  exposure  cycling  corresponds  to  the  onset 
of  corrosion  in  the  epoxy-coated  bars  outside  of  the  ponded  region,  as  indicated  by  the 
measurements  of  corrosion  current. 
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Figure  6.30  compares  the  recorded  half-cell  potentials  at  points  located  within  the 
ponded  region  (at  the  diaphragm)  with  those  located  outside  of  this  exposed  area.  In  this 
figure,  the  empirical  limits  for  uncoated  bars  of  -0.20  volts  and  -0.35  volts  are  shown  as 
horizontal  lines.  As  discussed  in  section  3.4.4,  these  empirical  limits  were  established 
from  testing  on  structures  with  uncoated  reinforcement,  where  there  is  electrical 
interconnectivity  between  the  bars  and  the  steel  is  in  direct  contact  with  the  concrete  at  all 
locations.  Therefore,  the  application  of  these  limits  to  structures  containing  epoxy-coated 
reinforcement  cannot  be  justified.  As  discussed  in  the  preceding  paragraphs,  however,  the 
measured  corrosion  currents  during  the  first  week  of  ponding  did  correspond  to  half-cell 
potentials  which  would  indicate  corrosion  for  uncoated  bars.  In  addition,  the  half-cell 
potentials  recorded  outside  of  the  ponded  region  during  the  first  39  weeks  of  exposure 
would  indicate  that  corrosion  activity  was  not  occurring.  After  week  39,  these  half-cell 
potentials  were  within  range  of  uncertainty  for  black  bars  (-0.20  to  -0.35  volts).  This  data 
suggests  that  the  empirical  limits  developed  for  black  bars  were  also  relevant  for  the 
bridge  tested  in  this  study,  which  utilized  epoxy-coated  bars. 

One  of  the  most  useful  applications  of  the  half-cell  measurements  is  to  compare 
potentials  at  many  points  on  the  surface  of  the  structure  to  determine  areas  of  relative 
corrosion  activity.  This  can  be  easily  done  using  equi-potential  contour  maps  (maps  of  the 
surface  potentials  in  which  lines  are  drawn  between  points  having  equal  potentials). 
Figure  6.31  shows  an  equi-potential  contour  map  of  the  ponded  region  of  Bridge  #1, 
created  from  half-cell  potentials  recorded  after  7  weeks  of  ponding.  This  figure  shows 
that  the  potential  variations  were  essentially  symmetric  with  respect  to  the  center  of  the 
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pond.  At  the  center  of  the  ponded  region,  which  is  at  diaphragm,  the  half-cell  potentials 
are  the  most  negative,  indicating  that  corrosion  activity  was  greatest  in  this  part  of  the 
bridge  deck.  This  area  corresponded  to  the  location  of  transverse  cracking  due  to  time- 
dependent  effects  and  superimposed  loading  (see  Figure  5.1).  Corrosion  of  the  epoxy- 
coated  steel  is  believed  to  have  initiated  at  these  crack  locations.  Also,  the  uncoated 
prestressing  strands  comprising  the  positive  moment  connection  were  located  in  the 
diaphragm.  These  strands  were  bent  upwards  for  anchorage  and  extended  to  within  2  1/2 
inches  of  the  surface.  Since  a  crack  was  located  direcdy  at  the  diaphragm,  corrosion  of 
these  uncoated  strands  probably  began  during  the  first  few  weeks  of  exposure  cycling. 
Figure  6.32  shows  an  equi-potential  contour  map  of  the  same  area,  created  from  half-cell 
measurements  taken  after  48  weeks  of  exposure  cycling.  While  half-cell  potentials  in 
Figure  6.32  are  more  negative  throughout  the  entire  ponded  region  than  those  in  Figure 
6.31,  the  contours  indicate  that  corrosion  activity  was  still  highest  at  the  diaphragm. 

6.2.9  AC-Resistance 
The  electrical  resistance  between  the  epoxy-coated  mat  of  steel  in  the  CIP  topping 
and  the  uncoated  mat  of  steel  in  the  precast  panels  was  measured  using  a  Nilsson  soil 
resistance  meter.  This  was  done  once  per  week  during  the  exposure  cycling  of  Bridge  #1, 
at  the  same  time  the  corrosion  currents  and  half-cell  potentials  were  monitored.  Figure 
6.33  shows  the  mat-to-mat  resistances  measured  inside  and  outside  of  the  ponded  region 
during  the  48  weeks  of  cycling.  This  figure  shows  that  the  resistance  between  the  bars 
located  within  the  ponded  region  decreased  with  time,  presumably  due  to  the  presence  of 
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chloride  ions  and  possibly  deterioration  of  the  epoxy  coating  due  to  corrosion.  During 
this  same  time  the  resistance  between  the  two  mats  of  steel  outside  of  the  exposed  area 
increased,  as  the  concrete  became  dryer  due  to  the  evaporation  of  moisture. 

6.2. 10  Visual  Inspection  of  Reinforcement 
After  Bridge  #1  was  loaded  to  failure,  the  reinforcement  was  extracted  from  a 
portion  of  the  bridge  deck  for  visual  inspection.  The  area  of  the  deck  examined  was  a  5 
foot  long  x  4  foot  wide  portion  at  the  center  pier,  where  half-cell  potentials  indicated 
corrosion  activity  was  highest.  This  included  the  southern  half  of  the  diaphragm,  which 
was  parallel  to  the  4  foot  dimension.  The  steel  reinforcement  was  exposed  by  carefully 
removing  the  concrete  with  a  small  air  powered  chiseL  This  inspection  revealed 
widespread  corrosion  on  every  longitudinal  epoxy-coated  #4  bar,  accompanied  by  staining 
of  the  surrounding  concrete.  Corrosion  of  the  transverse  epoxy-coated  #4  bars  was  also 
observed  at  several  locations,  but  had  not  progressed  as  extensively.  These  transverse 
bars  were  located  below  the  longitudinal  bars,  thereby  having  a  larger  concrete  cover. 
The  following  paragraph  pertains  to  the  condition  of  the  longitudinal  bars. 

Longitudinal  splitting  and  staining  of  the  epoxy-coating  was  observed  at  many 
locations  (see  Figures  6.34  and  6.35).  This  was  presumably  due  to  the  formation  of  an 
expansive  corrosion  product  below  the  surface  of  the  epoxy  coating.  In  addition, 
transverse  splitting  was  observed  along  the  bar  ribs,  as  shown  in  Figure  6.36.  Staining  of 
the  concrete  surrounding  the  epoxy-coated  reinforcement  was  most  severe  at  the 
diaphragm.  Although  splitting  of  the  epoxy  coating  and  staining  of  the  surrounding 
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concrete  was  prevalent  for  all  longitudinal  bars,  a  significant  loss  of  cross-sectional  area 
was  not  observed.  This  was  confirmed  by  tensile  tests  performed  on  the  extracted  bars. 
The  average  tensile  strength  was  within  4%  of  the  initial  strength  measured  for  these  bars. 
The  minimum  tensile  strength  of  the  extracted  bars  was  91%  of  the  initial  strength. 

In  addition  to  the  examination  of  the  epoxy-coated  reinforcement,  visual  inspection 
of  the  prestressing  strands  that  were  anchored  in  the  diaphragm  was  also  performed. 
These  strands  were  severely  corroded,  having  areas  of  deep  pitting  and  significant  area 
loss  (see  Figure  6.34).  This  corrosion  was  isolated  at  the  diaphragm,  as  additional 
inspection  showed  these  strands  had  not  corroded  inside  of  the  precast  panels. 

6.2. 1 1  Summary  of  Corrosion  Assessment  of  Bridge  #1 
Measured  corrosion  currents  and  half-cell  potentials  indicated  that  corrosion  of  the 
epoxy-coated  reinforcement  began  during  the  first  week  of  southern  exposure  cycling. 
The  half-cell  potentials  also  indicated  that  the  corrosion  activity  was  most  severe  at  the 
pier  location,  where  transverse  cracking  was  located.  After  28  weeks  of  ponding  there 
was  an  increase  in  the  corrosion  rate  of  the  epoxy-coated  steeL  Chloride  ion  powder 
samples  showed  this  corresponded  to  about  4  weeks  after  chlorides  had  reached  the  mat 
of  epoxy-coated  steel  by  diffusion.  Visual  inspection  of  the  steel  reinforcement  at  the 
conclusion  of  the  testing  revealed  extensive  corrosion  of  the  epoxy-coated  reinforcement, 
which  was  most  severe  for  the  longitudinal  bars.  This  corrosion  was  accompanied  by 
longitudinal  and  transverse  splitting  of  the  epoxy  coating  and  staining  of  the  surrounding 
concrete.  Significant  area  loss  of  the  epoxy-coated  reinforcement  due  to  corrosion  was 
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not  observed.  Additional  inspection  of  the  diaphragm  region  showed  the  uncoated  bent 
prestressing  strands  had  experienced  severe  corrosion,  exemplified  by  deep  pitting  and 
area  loss.  Strand  corrosion  was  only  observed  at  the  diaphragm  and  did  not  extend  into 
the  precast  panels. 

6.3  Durability  Assessment  of  3  ft  x  3  ft  Specimens 
In  addition  to  the  durability  testing  of  Bridge  #1,  (5)  3  ft  x  3  ft  composite 
specimens  were  also  fabricated  and  subjected  to  southern  exposure  cycling.  These 
specimens  were  used  to  obtain  additional  data  regarding  the  build-up  of  chlorides  at  the 
interface  on  the  CIP  topping  and  precast  panels,  as  well  as  the  effects  of  coating  defects 
on  the  corrosion  resistance  of  epoxy  coated  reinforcement.  The  exposure  cycling  of  these 
specimens  will  continue  beyond  the  conclusion  of  this  study,  thus  only  preliminary  findings 
will  be  reported  in  this  section.  The  composite  durability  specimens  are  described,  in 
detail,  in  section  3.4.9. 

6.3.1  Chloride  Ion  Powder  Samples 
Figure  6.38  shows  the  location  of  powder  samples  taken  after  12  weeks  of 
exposure  cycling.  The  five  durability  specimens  are  labeled  alphabetically  from  A  to  E. 
The  notations  used  to  identify  the  powder  sample  holes  consist  of  the  specimen  letter 
followed  by  the  hole  number  for  that  specimen.  One  hole,  which  was  4  inches  deep  and 
located  13  inches  away  from  the  crack,  was  drilled  in  each  specimen  after  12  weeks  of 
exposure.  Three  additional  holes  (7  inches  deep)  were  drilled  in  Specimen  B  near  the 
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crack  location  to  obtain  chloride  data  at  the  interface.  Table  6.7  shows  the  chloride 
concentrations  corresponding  to  these  locations.  The  chloride  concentrations  at  the  holes 
located  away  from  the  crack  are  graphed  in  Figure  6.39.  This  figure  shows  that  chlorides 
had  penetrated  to  a  depth  of  about  1  3/4  inches  in  all  specimens  after  the  12  weeks  of 
exposure  cycling.  Figure  6.40  shows  the  chloride  concentrations  near  the  crack  location 
of  Specimen  B  after  12  weeks  of  exposure  cycling.  This  figure  shows  that  the  chloride 
concentrations  were  very  high  (above  30  lb/yd3)  at  the  crack  location  for  all  depths 
sampled.  In  addition,  there  is  an  increase  in  the  chloride  concentration  near  the  depth  of 
the  interface  (approximately  6  inches)  at  the  crack  location.  However,  chloride 
concentrations  at  holes  located  3  and  6  inches  away  from  the  crack  show  that  only  base 
chloride  values  were  found  at  depths  below  2  1/4  inches.  This  data  is  consistent  with  the 
data  obtained  from  Bridge  #1,  which  revealed  that  a  build-up  of  chlorides  at  the  interface 
would  remain  isolated  at  the  crack  locations. 

Figure  6.41  shows  the  location  of  powder  samples  taken  after  24  weeks  of 
exposure  cycling.  One  hole,  which  was  7  inches  deep  and  located  12  inches  away  from 
the  crack,  was  drilled  in  each  specimen.  In  addition,  powder  samples  were  obtained  from 
7-inch-deep  holes  drilled  in  Specimen  C  at  distances  of  0,  3,  6,  and  9  inches  from  the 
crack.  The  numerical  values  of  the  chloride  concentrations  corresponding  to  these  holes 
are  listed  in  Table  6.8. 

Figure  6.42  shows  the  chloride  concentrations,  after  24  weeks  of  exposure,  at  the 
holes  located  12  inches  from  the  crack.  This  figure  shows  that  chlorides  induced  by  the  24 
weeks  of  ponding  had  penetrated  to  a  depth  of  approximately  2  inches  in  all  five 
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specimens.  Chloride  contents  below  this  level  are  base  values.  Figure  6.43  shows  the 
chloride  concentrations  from  samples  taken  near  the  crack  in  Specimen  C.  This  graph 
indicates  that  the  crack  did  not  have  a  noticeable  effect  on  the  chloride  concentrations  at 
these  locations,  as  the  profiles  shown  for  these  powder  sample  holes  are  essentially 
identical.  Chloride  concentrations  at  depths  below  approximately  2  3/4  inches 
corresponded  to  base  values  for  the  concrete.  Thus,  an  increase  in  chlorides  was  not 
detected  at  the  level  of  the  interface. 

6.3.2  Summary  of  Chloride  Ion  Powder  Samples 
Chloride  ion  powder  samples  extracted  from  the  3  ft  x  3  ft  durability  specimens 
showed  that  chloride  penetration,  by  diffusion,  had  reached  depths  of  approximately  2 
inches  after  12  weeks  of  exposure  cycling  and  2  1/2  inches  after  24  weeks  of  exposure 
cycling.  Holes  drilled  near  crack  locations  after  12  and  24  weeks  of  exposure  showed  the 
crack  did  not  significantly  influence  the  chloride  concentrations  at  distances  of  only  3 
inches  away.  Increased  chloride  concentrations  at  the  level  of  the  interface  were  detected 
from  powder  samples  taken  at  a  hole  drilled  direcdy  on  the  crack.  This  increase  was 
shown  to  be  isolated  at  the  crack  location,  as  chloride  contents  only  3  inches  away  (and  at 
the  same  depth)  were  equal  to  base  values  for  the  concrete. 

6.3.3  Measured  Corrosion  Currents 
Macrocell  corrosion  currents  were  measured  between  the  epoxy-coated  bars  in  the 
CIP  topping  and  the  mat  of  uncoated  steel  reinforcement  in  the  precast  portion  of  the 


263 


durability  specimens.  As  described  in  Chapter  3,  each  of  the  5  specimens  had  seven  #4 
bars  in  the  CEP  topping,  each  with  varying  degrees  of  initial  damage  to  the  epoxy  coating. 
One  of  the  bars  was  not  intentionally  damaged  prior  to  casting,  and  was  from  the  same 
bundle  of  #4  bars  used  in  both  full-scale  specimens.    The  coating  on  five  of  the  epoxy- 
coated  bars  was  intentionally  removed,  in  varying  degrees,  at  rib  locations  to  simulate 
damage  which  might  occur  during  shipping  and  handling  of  the  bars.  In  addition,  one 
black  bar  was  cast  in  the  CIP  topping  of  each  specimen. 

At  the  time  of  this  report,  corrosion  current  data  was  available  for  the  first  36 
weeks  of  exposure  cycling.  This  data  is  presented  in  Figures  6.44  through  6.50.  The 
measured  corrosion  currents  for  the  epoxy-coated  bars  which  were  not  intentionally 
damaged  were  essentially  zero  for  all  5  specimens  tested  (Specimens  A  through  E), 
indicating  that  corrosion  of  these  bars  had  not  occurred  (see  Figure  6.44).  Corrosion 
currents  corresponding  to  the  epoxy-coated  bars  with  initial  damages  of  1/2%,  1%,  2%, 
4%,  and  8%  indicated  that  corrosion  of  all  these  bars  initiated  within  the  first  32  weeks  of 
testing.  The  macrocell  currents  measured  for  these  bars  vary  widely  from  specimen  to 
specimen  ,  and  the  effects  due  to  the  amount  of  initial  damage  on  corrosion  cannot  be 
determined  from  the  data  obtained  during  the  first  36  weeks  of  exposure  cycling.  Figures 
6.45  through  6.49  graph  the  corrosion  currents  corresponding  to  these  bars.  Figure  6.50 
shows  the  measured  corrosion  currents  corresponding  to  the  black  bar  located  in  each 
specimen.  This  figure  shows  that  macrocell  corrosion  initiated  during  the  first  week  of 
exposure  cycling  and  has  continued.  The  magnitude  of  these  currents  is  considerably 
higher  than  those  measured  for  the  epoxy-coated  bars.  Average  corrosion  currents  for  the 


264 


black  bars  were  in  excess  of  1000  (lA,  while  the  average  corrosion  currents  measured  for 
the  epoxy-coated  bars  were  under  300  jiA. 

6.3.4  Half-Cell  Potentials 
Half-cell  potentials  measured  for  the  durability  specimens  were  also  widely 
scattered  during  the  first  36  weeks  of  exposure  cycling.  Due  to  the  small  size  and  close 
rebar  spacing  of  these  specimens,  variations  in  the  half-cell  potentials  across  the  surface  of 
the  specimens  were  minimal  Therefore,  the  use  of  half-cell  potentials  to  identify  areas  of 
probable  corrosion  was  not  possible.  The  value  of  the  half-cell  potentials  were  primarily  a 
function  of  the  corrosion  state  of  the  bar  to  which  electrical  connection  was  made. 
Surface  potentials  recorded  while  connecting  the  lead  wire  to  a  bar  which  had  measurable 
corrosion  currents  were  usually  more  negative  than  -0.4  volts.  Potentials  measured  at  the 
same  surface  location,  but  using  an  electrical  connection  to  a  rebar  which  was  not 
corroding  (Le.  when  macrocell  currents  were  equal  to  2ero)  were  more  positive  than  -0.35 
volts. 

6.3.5  Visual  Inspection  of  Rebars 
The  exposure  cycling  of  Specimen  C  was  discontinued  after  24  weeks  of  exposure 
cycling  in  order  to  remove  the  rebars  for  visual  inspection.  As  with  Bridge  #1,  the  rebar 
were  exposed  by  carefully  removing  the  concrete  with  a  small  air  chiseL  This  inspection 
revealed  that  the  black  bar  had  experienced  severe  pitting  at  the  crack  location  (see  Figure 
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6.51).  This  pitting  resulted  in  an  estimated  cross-section  area  loss  of  50%.  Except  for  the 
deep  pitting  at  the  crack  location,  the  surface  of  the  black  bar  was  mostly  uncorroded. 

The  visual  examination  also  showed  that  epoxy-coated  bars  containing  initial 
defects  had  each  experienced  corrosion,  as  indicated  by  the  measured  corrosion  currents. 
The  bars  with  1/2%,  1%,  and  4%  defects  each  contained  small  areas  where  the  epoxy 
coating  had  blistered  and  pitting  of  the  bars  was  observed.  This  pitting  did  not  result  in  a 
significant  loss  of  bar  area.  In  addition,  surface  corrosion  was  observed  at  the  initial 
defects  of  these  three  bars.  Staining  of  the  epoxy  coating  and  surface  rusting  at  one  initial 
defect  was  observed  for  the  bar  with  2%  initial  damage.  The  bar  with  8%  initial  damage 
did  not  have  any  blistering  or  staining.  Only  surface  corrosion  at  one  initial  defect  was 
observed  on  this  bar.  No  corrosion  was  observed  on  the  epoxy  coated  bar  that  did  not 
have  initial  damage. 

6.3.6  Summary  of  Corrosion  Assessment  of  Durability  Specimens 
All  epoxy-coated  bars  having  initial  defects  began  corroding  during  the  first  32 
weeks  of  the  exposure  cycling.  Epoxy-coated  bars  without  initial  defects  did  not 
experience  corrosion  during  this  time  period.  The  quantity  of  initial  defects  did  not  appear 
to  influence  the  corrosion  of  the  bars  during  the  first  36  weeks  ponding,  as  bars  with  small 
percentages  of  defects  had  similar  corrosion  currents  and  half-cell  potentials  as  bars  with 
larger  areas  of  defects.  The  corrosion  currents  measured  for  the  black  bars  were 
considerably  higher  than  currents  corresponding  to  the  epoxy-coated  bars  containing 
defects.  Visual  inspection  of  the  reinforcement  in  Specimen  C  after  24  weeks  of  exposure 
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revealed  severe  pitting  and  loss  of  cross-section  area  had  occurred  for  the  black  bar  at  the 
crack  location.  Corrosion  damage  to  the  epoxy-coated  bars  with  initial  defects  consisted 
of  surface  rusting  and  minor  pitting  at  the  initial  defects,  and  small  areas  of  blistering  of 
the  epoxy  coating.  Corrosion  of  the  epoxy-coated  bars  was  not  accompanied  by  a 
significant  loss  of  area  during  the  first  24  weeks  of  exposure  cycling. 

6.3.7  Comparison  of  Durability  Specimens  With  Bridge  #1 
In  Section  6.2.1  the  authors  noted  that  the  depth  of  chloride  penetration  after  24 
weeks  of  ponding  was  approximately  3  1/2  inches  (90  mm)  for  Bridge  #1,  which 
contained  "Class  A"  concrete  in  the  CIP  portion  of  the  deck.  In  Section  6.3.1,  however,  it 
was  noted  that  the  chloride  penetration  in  the  3  ft  x  3  ft  durability  specimens  (which 
contained  "Class  C"  concrete),  after  a  similar  exposure  period,  had  reached  only  2  inches 
(50  mm).  The  difference  in  chloride  permeability  of  the  two  concrete  mixes  can  also  be 
seen  when  comparing  chloride  concentrations  in  Figures  6.26  and  6.42.  Figure  6.42 
shows  that  the  chloride  concentrations  in  the  3  ft  x  3  ft  durability  specimens  after  24 
weeks  of  exposure  were  still  at  base  levels  at  a  depth  of  2  -  2  1/2  inches.  Figure  6.26 
shows  the  chloride  concentrations  in  Bridge  #1  for  the  corresponding  depth  and  exposure 
period  were  about  18  pounds  per  cubic  yard  (approximately  6  times  the  base  level 
measured  for  the  concrete). 

Rapid  chloride  ion  permeability  tests  taken  from  the  "Class  A"  concrete  used  in 
Bridge  #1  and  the  "Class  C"  concrete  in  the  3  ft  x  3  t  durability  specimens  also  indicate  the 
lower  permeability  of  the  "Class  C"  concrete.  Permeability  tests  taken  when  the  concrete 
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specimens  were  approximately  one  year  old  showed  the  "Class  C"  concrete  allowed  (on 
average)  the  passage  of  33%  fewer  coulombs  than  the  "Class  A"  concrete.  The  average 
coulomb  values  were  5900  for  the  "Class  A"  concrete  in  Bridge  #1  and  3950  for  the 
"Class  C"  concrete  in  the  3  ft  x  3  ft  durability  specimens. 

Therefore,  the  results  from  both  chloride-ion  powder  sample  testing  and  rapid 
chloride  ion  permeability  testing  indicate  the  superior  performance  of  the  'Class  C" 
concrete  in  terms  of  chloride  permeability.  The  'Class  C"  concrete  is  currently  INDOT's 
standard  mix  used  in  the  construction  of  new  bridge  decks. 
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Table  6. 1  Chloride  Ion  Concentrations  After  12  Weeks  of  Exposure  Cycling  (Bridge  #1) 


Chloride  Ion  Concentrations 

*  Values  Are  Total  Chloride  Concentrations  In  Pounds  Per  Cubic  Yard 

*  Heavy  Line  Indicates  Location  of  Interface 

Powder  Samples  at  12  Weeks 


A 

B 

C 

D 

E 

F 

G 

H 

0-.5" 

36.41 

44.59 

46.12 

50.76 

71.59 

44.24 

2.81 

2.64 

.5"-1" 

22.54 

24.18 

33.11 

25.46 

46.23 

29.86 

2.42 

2.65 

r-1.5" 

18.15 

19.12 

20.91 

18.87 

48.23 

14.10 

2.75 

1.82 

1.5--2" 

9.96 

10.69 

13.44 

10.64 

38.93 

11.05 

3.43 

3.18 

2"-2.5" 

3.58 

4.69 

4.67 

4.98 

38.82 

6.63 

1.81 

3.31 

2.5"-3" 

2.22 

1.81 

1.89 

2.58 

40.17 

3.75 

2.03 

2.20 

3"-3.5" 

1.89 

1.41 

2.06 

1.88 

31.57 

2.38 

2.10 

2.74 

3.5"-4" 

2.10 

1.62 

2.69 

2.18 

35.95 

2.69 

2.05 

2.49 

4"-4.5" 

2.29 

2.92 

2.12 

2.51 

32.95 

3.24 

2.47 

1.83 

4.5"-5" 

1.88 

2.27 

1.87 

1.56 

32.38 

1.96 

2.06 

2.27 

5"-5.5" 

1.77 

2.23 

2.33 

1.82 

36.37 

3.00 

4.04 

2.89 

5.5"-6" 

1.59 

1.49 

2.48 

2.11 

24.94 

3.89 

2.38 

3.13 

6"-6.5" 

2.29 

0.82 

2.39 

2.00 

30.79 

3.58 

3.38 

3.08 

6.5"-7" 

1.03 

1.09 

1.46 

0.98 

23.88 

2.41 

1.49 

1.45 

T-7.S" 

***** 

***** 

***** 

***** 

16.78 

3.95 

0.73 

1.01 

269 


Table  6.2  Chloride  Ion  Concentrations  After  24  Weeks  of  Exposure  Cycling  (Bridge  #1) 


Chloride  Ion  Concentrations 

Values  Are  Total  Chloride  Concentrations  In  Pounds  Per  Cubic  Yard 
Heavy  Line  Indicates  Location  of  Interface 


Powder  Samples  at  24  Weeks 


L 

M 

N 

O 

P 

Q 

0-.5" 

50.91 

58.54 

53.16 

54.55 

59.56 

62.57 

.S"-1" 

36.51 

32.77 

24.10 

41.90 

51.04 

39.70 

r-1.5" 

30.19 

25.08 

29.10 

25.78 

33.64 

25.79 

1 .5"-2M 

21.85 

17.41 

20.40 

18.17 

27.99 

23.44 

2"-2.5" 

15.39 

13.72 

10.60 

14.80 

15.53 

15.50 

2.5"-3" 

16.67 

10.26 

5.92 

8.23 

7.50 

9.67 

3"-3.5" 

11.47 

11.06 

3.23 

3.66 

4.62 

4.49 

3.5"-4" 

10.06 

11.14 

2.07 

2.39 

3.10 

2.34 

4"-4.5" 

9.32 

9.67 

2.08 

2.61 

2.11 

2.31 

4.5"-5" 

8.38 

8.00 

2.49 

2.15 

2.19 

3.61 

5"-5.5" 

6.27 

7.01 

2.24 

2.21 

2.36 

2.34 

5.5"-6" 

4.75 

5.63 

1.81 

2.74 

2.28 

3.01 

6"-6.5" 

3.66 

5.03 

2.73 

1.46 

2.11 

1.20 

6.5"-7" 

3.73 

4.76 

1.79 

0.93 

1.38 

0.95 

7"-7.5" 

2.65 

1.79 

0.78 

0.81 

1.16 

0.74 
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Table  6.3  Chloride  Ion  Concentrations  After  36  Weeks  of  Exposure  Cycling  (Bridge  #1) 


Chloride  Ion  Concentrations 

*  Values  Are  Total  Chloride  Concentrations  In  Pounds  Per  Cubic  Yard 

*  Heavy  Line  Indicates  Location  of  Interface 


Powder  Samples  at  36  Weeks 


V 

W 

X 

Y 

Z 

AA 

BB 

CC 

DD 

EE 

FF 

0-.5" 

43.59 

52.21 

47.57 

50.91 

74.70 

63.77 

57.05 

42.22 

46.87 

56.08 

3.02 

.5"-1" 

38.23 

33.65 

28.45 

33.72 

47.11 

35.16 

37.66 

32.06 

42.39 

r-1.5" 

32.97 

30.74 

23.73 

30.16 

50.14 

33.18 

30.16 

23.34 

29.44 

36.78 

2.36 

1 .5"-2" 

37.56 

23.11 

28.37 

30.27 

62.44 

25.23 

26.18 

16.97 

27.21 

2"-2.5" 

23.68 

18.10 

20.43 

24.48 

46.39 

20.68 

22.43 

12.42 

13.43 

19.85 

2.39 

2.5"-3" 

24.98 

13.61 

15.31 

21.89 

47.38 

19.40 

12.90 

7.77 

16.07 

3"-3.5" 

23.66 

11.62 

10.43 

20.23 

47.87 

21.51 

* 

4.71 

6.40 

8.87 

3.5"-4" 

18.99 

9.54 

7.74 

15.78 

44.04 

18.87 

* 

3.00 

5.31 

4"-4.5" 

20.66 

6.81 

5.50 

15.69 

34.86 

17.34 

2.75 

2.61 

2.76 

2.54 

4.5"-5" 

16.83 

5.08 

3.61 

12.40 

29.15 

12.38 

2.57 

2.49 

2.70 

5"-5.5" 

* 

* 

2.06 

10.03 

30.76 

8.59 

1.81 

2.39 

2.70 

2.35 

5.5"-6" 

12.38 

3.64 

2.84 

11.43 

25.58 

6.68 

1.83 

2.38 

2.28 

6"-6.5" 

10.60 

2.96 

2.24 

10.59 

25.03 

6.62 

2.58 

1.74 

1.04 

1.47 

6.5"-7" 

9.01 

2.25 

2.68 

10.24 

36.15 

4.08 

2.13 

0.82 

1.16 

r-7.5" 

6.56 

1.98 

2.25 

5.05 

15.69 

1.01 

0.79 

1.68 

0.70 

The  values  reported  by  the  lab  for  these  locations  appear  to  be  incorrect  It  is  believed  that 
the  values  for  hole  V  (5"-5  1/2")  and  hole  W  (5"-5  1/2")  have  been  switched.  The  values 
reported  for  these  holes  are  3.77  and  14.99  respectively.  Also,  values  for  hole  BB  (3"-3  1/2") 
and  hole  BB  (3  1/2"-4")  are  believed  to  be  switched.  The  values  reported  for  these  holes  are 
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Table  6.4  Chloride  Ion  Concentrations  After  48  Weeks  of  Exposure  Cycling  (Bridge  #1) 


Chloride  Ion  Concentrations 

Note,  Values  Are  Total  Chloride  Concentrations  in  Pounds  Per  Cubic  Yard 


Powder  Samples  at  48  Weeks 


GG 

HH 

II 

JJ 

KK 

LL 

MM 

NN 

OO 

PP 

QQ 

RR 

0-.5" 

43.98 

61.51 

57.44 

56.95 

60.97 

59.24 

60.88 

65.48 

53.09 

62.00 

63.12 

62.35 

.5"-r 

45.12 

56.79 

42.91 

52.95 

50.82 

47.53 

39.77 

32.67 

30.07 

47.78 

27.27 

42.56 

r-1.5" 

28.74 

48.47 

46.23 

48.28 

36.91 

29.52 

38.75 

29.34 

31.96 

46.72 

25.79 

26.88 

1.5"-2" 

30.50 

54.25 

36.57 

48.30 

32.69 

29.46 

30.49 

25.47 

33.54 

32.46 

19.64 

33.42 

2"-2.5" 

27.85 

45.32 

44.19 

23.53 

24.16 

29.05 

19.96 

15.80 

24.60 

25.63 

14.19 

22.63 

2.5"-3" 

22.93 

44.63 

30.84 

21.60 

21.89 

23.87 

15.41 

12.77 

16.29 

19.94 

12.30 

20.69 

3"-3.5" 

19.98 

44.78 

34.00 

21.42 

17.08 

16.11 

10.48 

6.70 

14.80 

16.57 

8.05 

17.86 

3.5"-4" 

11.98 

34.75 

24.18 

16.30 

13.88 

14.75 

5.88 

4.39 

11.83 

10.03 

8.08 

16.00 

4"-4.5" 

14.49 

34.54 

19.56 

11.41 

11.68 

8.71 

3.26 

3.60 

6.21 

6.74 

5.36 

13.39 

4.5"-5" 

* 

26.85 

18.57 

11.72 

6.54 

6.37 

2.18 

2.03 

3.51 

3.68 

4.10 

9.36 

5"-5.5" 

9.21 

26.80 

17.90 

8.60 

6.00 

4.22 

2.72 

1.88 

1.82 

2.26 

* 

10.43 

5.5"-6" 

9.95 

25.30 

18.96 

5.98 

4.32 

2.99 

2.16 

1.54 

2.13 

1.40 

2.99 

7.24 

6"-6.5" 

9.14 

28.79 

14.24 

5.72 

2.95 

2.10 

1.20 

1.34 

2.02 

1.98 

2.14 

5.27 

6.5"-7" 

10.40 

25.84 

14.21 

3.05 

1.77 

1.09 

1.00 

1.10 

0.86 

0.93 

1.82 

3.61 

7"-7.5" 

3.64 

19.90 

6.30 

0.89 

2.09 

2.55 

0.84 

1.24 

0.58 

0.66 

0.71 

0.93 

The  values  reported  by  the  lab  for  these  locations  appear  to  be  incorrect  The  value  for 
hole  GG  (4  1/2"-5")  was  reported  as  99.94.  It  appears  that  this  should  be  9.94  instead. 
Also,  the  value  for  hole  QQ(5"-  5  1/2")  was  reported  as  20.56.  It  appears  that  the  correct 
value  for  this  hole  would  be  2.56. 
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Table  6.5  Random  Sampling  of  Base  Chlorides  in  the  CIP  Concrete  of  Bridge  #1 


Random  Sampling  of  Chloride  Base  Values  (Bridge  #1) 

Sample 

Panel 

Transverse 
Distance 

Longitudinal 
Distance 

Depth 

Chloride  Content 
(lbs/yd3) 

1 

1 

l'-8  7/8" 

l'-0  5/8" 

0  3/4"  -  1  1/4" 

2.47 

2 

1 

0'-5  3/8" 

6'-4" 

3  1/4"  -  3  3/4" 

1.93 

3 

2 

l'-2" 

7-5  7/8" 

4"  -  4  1/2" 

2.14 

4 

2 

2'-5" 

8'-8  1/8" 

1  3/4"  -  2  1/4" 

2.30 

5 

2 

3'-4  1/8" 

11'- 11  1/8" 

1"  -  1  1/2" 

2.22 

6 

2 

2'-2  7/8" 

2'-l  5/8" 

5  1/2"  -  6" 

3.38 

7 

2 

0'-3  1/2" 

3'-7" 

5"  -  5  1/2" 

1.67 

S 

2 

l'-5  1/4" 

l'-5" 

5"  -  5  1/2" 

2.14 

9 

2 

0'-5" 

7- 11  3/4" 

1"  -  1  1/2" 

1.55 

10 

3 

0'-6  1/2" 

8*-10  3/8" 

1"-1  1/2" 

1.77 

11 

3 

l'-9" 

l'-9  1/4" 

5  1/4"  -  5  3/4" 

2.02 

12 

3 

r-6n 

8'-7  3/4" 

1"  -  1  1/2" 

1.14 

13 

3 

0'-3  3/8" 

2'-5" 

3  1/2"  -  4" 

2.32 

14 

3 

0*-8  5/8" 

6-113/4" 

4  1/2"  -  5" 

2.42 

15 

3 

l'-3  3/4" 

l'-ll" 

4  3/4"  -  5  1/4" 

2.71 

16 

3 

3'-6  3/8" 

7'-4  1/8" 

0  1/4"  -  0  3/4" 

1.78 

17 

3 

2'-2  5/8" 

2'- 11  3/8" 

1"  .  l  1/2" 

2.02 

18 

3 

2'-2  3/8" 

2'-8  5/8" 

2  1/2" -3" 

1.78 

19 

4 

2'-8  1/2" 

8'-9  5/8" 

2  1/4"  -  2  3/4" 

2.54 

20 

4 

0'-8  1/8" 

5'-6  1/2" 

3  3/4"  -  4  1/4" 

1.93 

21 

4 

2'-9  1/4" 

8'- 11  1/2" 

4  1/4"  -  4  3/4" 

1.87             ! 

22 

4 

2'-2  1/8" 

4'-5" 

4  1/4"  -  4  3/4" 

2.10 

23 

4 

2'-5  5/8" 

0'-2  3/4" 

2  3/4"  -  3  1/4" 

2.22 

24 

3 

3'-7" 

10'-2  1/8" 

1/2"  -  1" 

2.34 

25 

4 

l'-5  5/8" 

l'-ll  5/8" 

4  1/2"  -  5" 

2.52 

*  Transverse  distance  was  measured  from  the  outside  edges  of  the  bridge. 

*  Longitudinal  Distance  was  measured  from  the  discontinuous  ends  of  the  bridge. 

*  The  sample  mean  was  2. 13  lbs/yd3.  The  standard  deviation  was  0.44  lbs/yd3. 
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Table  6.6  Estimated  Time  Represented  by  Exposure  Cycling  (By  Linear  Extrapolation) 


Bridge 

Estimated  Time  (Years)  Using 
Data  From  Depths  (0-3") 

Estimated  Time  (Years)  Using 
Data  From  Depths  (l"-3") 

S.R  912  (Gary,  IN) 
(13-years-old) 

72 

82 

US-31  (South  Bend,  IN) 
(13-years-old) 

45 

53 

SR  7  (Jennings  Co.,  IN) 
(17-years-old) 

63 

69 

1-70  (Indianapolis,  IN) 
(20-years-old) 

74 

82 

1-70  (Indianapolis,  IN) 
(24-years-old) 

119 

139 

SR  29  (Carroll  Co.,  IN) 
(35-years-old) 

131 

157 

SR  144  (Mooresville,  IN) 
(37-years-old) 

187 

232 
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Chloride  Ion  Concentrations 

Values  Are  Total  Chloride  Concentrations  In  Pounds  Per  Cubic  Yard 


S.R.  912  Gary,  In.  (13  yrs  old) 


Depth 

Hole  #1 

Hole  #2 

Hole  #3 

Hole  #4 

Hole  #5 

Hole  #6 

0-1" 

16.41 

15.91 

9.85 

11.01 

11.62 

7.84 

1"-2" 

6.32 

8.39 

4.06 

4.17 

3.39 

2.97 

2"-3" 

4.08 

3.94 

2.01 

2.89 

4.27 

2.42 

3"-4" 

3.65 

2.57 

2.11 

3.1 

2.53 

2.83 

US-31  South  of  South  Bend  (13  yrs  old) 


Depth 

Hole  #1 

Hole  #2 

Hole  #3 

Hole  #4 

Hole  #5 

Hole  #6 

0-1" 

19.27 

23.12 

25.56 

15.15 

18.71 

20.60 

1"-2" 

16.77 

12.00 

14.66 

15.12 

7.84 

10.61 

2"-3" 

5.63 

1.71 

6.36 

0.99 

1.85 

4.04 

3"-4" 

1.82 

1.26 

2.63 

1.03 

1.32 

2.17 

S.R.  7  Jennings  County  (17  yrs  old) 


Depth 

Hole  #1 

Hole  #2 

Hole  #3 

Hole  #4 

Hole  #5 

Hole  #6 

0-1" 

12.89 

21.51 

22.07 

15.31 

12.21 

16.05 

1"-2" 

12.47 

7.38 

6.93 

8.81 

5.18 

10.19 

2"-3" 

6.47 

4.55 

3.46 

4.62 

2.76 

5.13 

3"-4" 

3.03 

2.06 

1.8 

3.39 

1.72 

1.43 

Figure  6.15  Chloride  Concentrations  for  Bridges  on  S.R.  912,  U.S.  31,  and  S.R.  7 
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Chloride  Ion  Concentrations 

Values  Are  Total  Chloride  Concentrations  In  Pounds  Per  Cubic 


SR  29  over  Wildcat  Creek  (35  yrs  old) 


Depth 

Hole  #1 

Hole  #2 

Hole  #3 

Hole  #4 

Hole  #5 

0-.5" 

18.59 

17.73 

21.76 

19.69 

18.40 

.5"-1" 

15.09 

9.26 

14.47 

1"-1.5" 

7.71 

4.52 

7.83 

1.5"-2" 

10.07 





14.40 

2"-2.5" 

8.17 

4.34 

6.13 

2.5"-3" 

11.12 





7.88 

3"-3.5" 

6.17 

4.20 

5.90 



3.5"-4" 

7.49 

4.51 

4"-4.5" 

2.68 

4.02 

4.47 

4.5"-5" 

5.07 

5"-5.5" 

1.23 

1.12 

2.73 



5.5"-6" 

4.45 

6"-6.5" 



2.37 

S.R.  144  Near  Mooresville  (37  yrs  old) 


Depth 

Hole  #1 

Hole  #2 

Hole  #3 

Hole  #4 

0-.5" 

19.19 

20.93 

31.04 

14.11 

.5"-1" 

11.07 

10.35 

27.22 

13.43 

1"-1.5" 

1.59 

2.79 

18.34 

11.16 

1.5"-2" 

0.48 

1.50 

7.60 

10.70 

2"-2.5" 

0.84 

1.34 

2.69 

7.56 

2.5"-3" 

0.83 

1.83 

0.74 

4.84 

3"-3.5" 

1.37 

0.76 

0.93 

2.60 

3.5"-4" 

1.43 

1.47 

1.09 

2.07 

4"-4.5" 

1.33 

0.91 

0.69 

3.54 

4.5"-5" 

0.72 

0.61 

0.84 

2.46 

Figure  6.17  Chloride  Concentrations  for  Bridges  on  S.R.  29  and  S.R.  144 
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Figure  6.18  37- Year-Old  Bridge  on  S.R.  144  Near  Mooresville,  IN 
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Bridge    on    SR    144    Over    Little    White    Lick    Creek 
Number   of    Repair    Patches 


N 


172' 

1 1 

26 

H- 

I- 

8 

--- 

'           20 

, 

,         «'   Typ.          r 

Bridge    on    SR    144    Over    Little    White    Lick    Creek 
Field    Sample    Locations 

Core   #4-  -j  Core   #3- 

N 


1 


Core   § 


Core  #2  A  PS.   #4 


«   P.S.   Denotes   Powder   Sample    Hole 


Figure  6. 19  Field  Data  Collected  from  S.R.  144  Near  Moorseville,  IN 
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Bridge  #1 


Date 

Test 

Coulombs 

Material 

Tested 

Lab 

Passed 

March  '95 

INDOT 

5430 

March  '95 

INDOT 

6401 

CIP  Concrete 

April  '96 

Purdue 

4386 

April  '96 

Purdue 

3999 

April  '96 

Purdue 

4157 

April  '96 

Purdue 

4543 

March  '95 

INDOT 

2634 

March  '95 

INDOT 

2916 

Precast  Concrete 

April  '96 

Purdue 

2059 

April  '96 

Purdue 

2165 

April  '96 

Purdue 

2090 

April  '96 

Purdue 

1595 

Bridge  #2 


Material 

Date 
Tested 

Test 
Location 

Coulombs 
Passed 

CIP  Concrete 

May '96 
May '96 
May '96 
May '96 

Purdue 
Purdue 
INDOT 
INDOT 

7460 
5794 

* 

4647 

Precast  Concrete 

May  '96 
May  "96 

Purdue 
Purdue 

1425 
1094 

*  The  high  value  of  9334  coulombs  recorded  was 
due  to  a  void  which  extended  to  the  top  surface 
specimen. 


3  ft  x  3  ft  Durability  Specimens 


Material 

Date 
Tested 

Test 
Location 

Coulombs 
Passed 

CIP  Concrete 

May '96 
May '96 

Purdue 
Purdue 

3839 
4062 

Precast  Concrete 

May  '96 

May  '96 

Purdue 
Purdue 

1425 
1094 

Figure  6.22  Results  from  Rapid  Chloride  Ion  Permeability  Testing 
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Ampl 


50  60 

Freq,    kHz 


Amplitude  Spectrum  from  Impact-Echo  Testing  Prior  to  Failure  (PT.  C5) 


Ampl . 


50  60 

Freq,    kHz 


Amplitude  Spectrum  from  Impact-Echo  Testing  After  Failure  (PT.  C5) 


Figure  6.23  Amplitude  Spectrums  from  Impact-Echo  Testing  of  Bridge  #1 
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Figure  6.34  Longitudinal  Splitting  of  Epoxy-Coating  Due  to  Corrosion  (A) 


Figure  6.35  Longitudinal  Splitting  of  Epoxy-Coating  Due  to  Corrosion  (B) 
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Figure  6.36  Corrosion  of  Epoxy-Coated  Bar  at  Rib  Locations 
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Figure  6.37  Severe  Corrosion  and  Pitting  of  Prestressing  Strand  in  Diaphragm 
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Powder  Samples  Taken   After    12   wks 
(Durability  Specimens) 


3'-0" 


v-3"      „         r-9" 

# 


CM 


B2    B3  ° 

B1  •  •  • *■ 


m 


A1,B4,C1,D1,E1 
-^ — 


Crack 


8" 

X — - — * 


Figure  6.38  Location  of  Powder  Samples  Taken  After  12  Weeks  (Durability  Specimens) 
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Powder  Samples   Taken  After  24   wks 
(Durability   Specimens) 
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Figure  6.41  Location  of  Powder  Samples  Taken  After  24  Weeks  (Durability  Specimens) 
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Figure  6.51  Severe  Pitting  of  Black  Bar  After  24  Weeks  of  Exposure  (Specimen  C) 
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CHAPTER  7  SUMMARY,  CONCLUSIONS  AND  RECOMMENDATIONS 

7.1  Summary  of  Results 
7.1.1  Introduction 
This  experimental  program  consisted  of  testing  two  composite  bridges,  utilizing 
precast  prestressed  concrete  panels,  in  the  laboratory.  During  the  cast-in-place  (CEP) 
concrete  cure  period  of  these  two-span  continuous  structures  the  moments  at  the  center 
pier,  induced  by  the  restraint  of  creep  and  shrinkage,  were  determined  from  measurements 
of  discontinuous-end  reactions.  These  bridges  were  then  exposed  to  5  million  cycles  of 
service  load  prior  to  the  final  monotonic  failure  loading.  Possible  degradation  of  these 
bridges  due  to  repeated  loading  was  assessed  by  monitoring  the  discontinuous-end 
reactions,  midspan  deflections,  and  strains  in  the  steel  reinforcement.  The  long-term 
performance  of  this  type  of  structure  was  determined  by  subjecting  one  bridge  (Bridge  #1) 
to  48  weeks  of  southern  exposure  cycling,  consisting  of  exposure  to  salt  water  and  heat 
lamps.  During  this  time,  half-cell  potentials,  corrosion  currents,  and  AC-resistances  were 
measured  weekly.  Additional  information  about  the  durability  of  these  structures  was 
obtained  from  the  southern  exposure  cycling  of  5  smaller  composite  specimens,  each 
containing  reinforcement  with  varying  degrees  of  defects  in  the  epoxy-coating. 
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7.1.2  Restraint  Moments 
The  experimentally  determined  restraint  moments  were  compared  with  calculated 
restraint  moments  using  the  PCA  and  CTL  methods  (described  in  Sections  4.2  and  4.3), 
both  of  which  overestimated  the  negative  restraint  moments  due  to  differential  shrinkage 
and  creep  under  dead  load.  The  failure  of  the  PCA  method  to  account  for  restraint  of 
shrinkage  due  to  the  precast  elements  and  steel  reinforcement  led  to  an  overestimation  of 
early  shrinkage  moments.  Also,  neither  the  PCA  nor  the  CTL  method  accounts  for 
cracking.  Cracking  reduces  the  magnitude  of  the  restraint  moments  and  the  rate  at  which 
additional  restraint  moments  develop.  A  modified  PCA  method  was  developed  by  the 
author  (refer  to  Section  4.5.1)  which  accounts  for  the  restrained  shrinkage  of  the  CIP 
concrete  and  the  length  of  the  diaphragm.  The  modified  PCA  method  was  more  accurate 
than  the  PCA  and  CTL  approaches  in  the  calculation  of  restraint  moment  magnitudes  for 
both  test  bridges.  While  this  method  improved  the  calculation  of  the  restraint  moment 
magnitudes,  it  overestimated  the  change  in  moments  due  to  cracking  and  the  ability  of  the 
moments  to  increase  after  cracking.  For  both  specimens  tested,  negative  restraint 
moments  due  to  differential  shrinkage  and  creep  due  to  dead  load  were  largest  prior  to 
cracking.  A  reasonable  model  of  the  restraint  moments  during  the  CIP  concrete  cure 
period  of  the  two  test  bridges  was  obtained  using  the  modified  PCA  method  before 
cracking,  and  then  assuming  moments  due  to  differential  shrinkage  remain  unchanged  after 
cracking. 
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7.1.3  Response  to  Superimposed  Loading 
7.1.3.1  Initial  Loading 

The  restraint  moments  (induced  by  creep  and  shrinkage)  decreased  during  the 
initial  loading  of  each  bridge  due  to  additional  transverse  cracking  at  the  pier.  There  was  a 
49%  decrease  in  the  restraint  moments  for  Bridge  #1,  which  had  higher  initial  restraint 
moments  and  fewer  initial  cracks  than  Bridge  #2,  and  a  30%  decrease  for  Bridge  #2. 
Because  of  cracking,  the  PCA,  CTL,  and  modified  PCA  methods  overestimated  the 
increase  in  continuity  moments  for  each  bridge  during  this  initial  loading.  For  subsequent 
loadings  which  did  not  produce  additional  cracking,  the  modified  PCA  method  (which 
assumed  a  diaphragm  stiffness  based  on  a  section  having  a  crack  depth  equal  to  the 
thickness  of  the  CIP  topping)  gave  a  reasonable  estimate  of  the  change  in  continuity 
moments.  Both  the  PCA  and  CTL  methods,  which  are  based  on  gross  section  properties, 
considerably  overestimated  the  additional  continuity  moments. 

Similarly,  due  to  the  additional  cracking  and  corresponding  decrease  in  restraint 
moments,  all  three  methods  underestimated  the  midspan  deflections  caused  by  the  initial 
loadings  of  each  bridge.  Values  equal  to  the  observed  deflections  could  be  obtained  using 
the  modified  PCA  method,  assuming  a  fully  cracked  diaphragm  region,  with  applied 
positive  moments  at  the  pier  that  were  equal  in  magnitude  to  the  measured  decrease  in 
restraint  moments.  Midspan  deflections  due  to  subsequent  loadings  could  be  reasonably 
estimated  by  using  the  modified  PCA  method,  assuming  a  fully  cracked  diaphragm. 
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7.1.3.2  Cyclic  Loading 
Each  bridge  was  subjected  to  5  million  cycles  of  service  loading,  in  which  the 
calculated  maximum  reinforcement  stress  range  at  the  pier  (26  ksi  to  44  ksi)  exceeded  the 
AASHTO  allowable  design  stress  range  by  20  percent.  The  continuity  between  adjacent 
spans  was  evaluated  by  monitoring  the  instantaneous  midspan  deflections  and 
discontinuous-end  reactions  during  static  loadings  which  were  conducted  periodically 
throughout  the  5  million  cycles.  These  measurements  showed  that  the  repeated  loadings 
did  not  cause  an  appreciable  change  in  the  continuity  between  adjacent  spans. 

7.1.3.3  Failure  Loading 

The  failure  load  of  each  bridge  could  be  determined  using  the  principle  of  virtual 
work,  with  moment  capacities  at  hinges  equal  to  the  nominal  moment  capacities 
determined  by  strain  compatibility.  For  both  bridges,  the  experimentally  determined 
positive  and  negative  moments  exceeded  the  nominal  design  moments  calculated  using  the 
AASHTO  equations  (refer  to  Figures  5.38  through  5.41).  Negative  moment  capacities 
were  considerably  higher  than  the  AASHTO  values  because  of  strain  hardening  of  the  mild 
steel  reinforcement. 

The  ultimate  load  carrying  capacity  of  the  bridge  was  not  affected  by  the  initial 
restraint  moments  due  to  time-dependent  effects,  as  these  were  relieved  by  additional 
cracking  of  the  concrete  and  yielding  of  the  steel  reinforcement.  Moment  redistribution 
for  both  bridges  exceeded  the  limit  allowed  by  AASHTO  (see  Equation  5.3)  for  design 
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considerations.  For  Bridge  #1,  the  experimentally  determined  negative  moments  at  the 
maximum  sustained  load  were  48%  less  than  the  moments  calculated  using  linear-elastic 
analysis.  For  Bridge  #2,  these  moments  were  31%  less  than  the  elastic  moments. 

7.1.4  Durability 
7.1.4.1  Chloride  Penetration  in  Bridge  #1 

The  data  obtained  from  the  chloride  ion  powder  samples  taken  from  Bridge  #1 
throughout  the  48  weeks  of  exposure  cycling  showed  that  chloride  penetration  did  not 
reach  the  level  of  the  interface  at  locations  which  were  at  least  12  inches  from  observed 
cracks.  The  depth  of  chloride  penetration  was  approximately  5  inches  after  48  weeks  of 
ponding,  while  the  depth  of  the  interface  was  between  6  3/8  inches  and  7  inches  in  the 
exposed  region.  An  accumulation  of  chlorides  at  the  level  of  the  interface  was  detected 
from  powder  samples  taken  at  a  hole  drilled  direcdy  on  a  crack.  However,  a  build-up  of 
chlorides  was  not  indicated  from  numerous  powder  samples  taken  at  holes  that  were  6 
inches  or  more  from  observed  cracks.  Therefore,  it  was  concluded  that  any  accumulation 
of  chlorides  that  occurred  at  the  interface  of  the  CIP  topping  and  precast  panels  remained 
isolated  at  the  crack  locations  during  the  48  weeks  of  the  exposure  cycling. 

The  chloride  concentrations  in  Bridge  #1,  resulting  from  the  48  weeks  of  exposure 
cycling,  were  higher  than  all  chloride  concentration  data  from  bridges  in  Indiana.  The 
available  data  was  from  bridges  tested  between  the  ages  of  13  and  37  years,  the  latter 
representing  the  oldest  bridge  in  the  central  part  of  the  state  which  had  not  been  previously 
overlaid  or  resurfaced.  Conservative  (lower-bound)  estimates  of  the  time  represented  by 
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the  exposure  cycling,  in  terms  of  chloride  penetration,  were  made  by  linearly  extrapolating 
the  available  chloride  data  from  these  bridges.  These  estimates  show  the  laboratory 
ponding  represented  a  minimum  of  45  years  of  exposure  to  chlorides  in  the  northwest 
portion  of  the  state,  where  deicing  salt  usage  is  heaviest.  Estimates  of  the  represented 
time  of  exposure  in  other  parts  of  the  state  were  higher.  Therefore,  the  chloride 
penetration  resulting  from  the  48  weeks  of  exposure  cycling  is  believed  to  have  surpassed 
the  chloride  penetration  which  could  be  expected  during  the  life  of  concrete  bridge  decks 
in  the  field. 

7. 1.4.2  Chloride  Penetration  in  the  3  ft  x  3  ft  Durability  Specimens 
Chloride  ion  powder  samples  extracted  from  the  five  additional  durability 
specimens  showed  that  chloride  penetration,  by  diffusion,  had  reached  depths  of 
approximately  2  inches  after  12  weeks  of  exposure  cycling  and  2  1/2  inches  after  24  weeks 
of  exposure  cycling.  Holes  drilled  near  crack  locations  after  12  and  24  weeks  of  exposure 
showed  the  crack  did  not  significantly  influence  the  chloride  concentrations  at  distances  of 
only  3  inches  away.  Increased  chloride  concentrations  at  the  level  of  the  interface  were 
detected  from  powder  samples  taken  at  a  hole  drilled  direcdy  on  the  crack.  This  increase 
was  shown  to  be  isolated  at  the  crack  location,  as  chloride  contents  only  3  inches  away 
(and  at  the  same  depth)  were  equal  to  base  values  for  the  concrete. 
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7.1.4.3  Reinforcement  Corrosion  in  Bridge  #1 
Measured  corrosion  currents  and  half-cell  potentials  indicated  that  corrosion  of  the 
epoxy-coated  reinforcement  in  Bridge  #1  began  during  the  first  week  of  southern 
exposure  cycling.  The  half-cell  potentials  indicated  that  the  corrosion  activity  was  most 
severe  at  the  pier  location,  where  transverse  cracking  occurred.  This  was  also  the  location 
of  the  uncoated  strands  comprising  the  positive  moment  connection  in  the  diaphragm. 
After  28  weeks  of  ponding  there  was  an  increase  in  the  corrosion  rate  of  the  epoxy-coated 
steeL  Chloride  ion  powder  samples  showed  this  corresponded  to  about  4  weeks  after 
chlorides  had  reached  the  entire  mat  of  epoxy-coated  steel  by  diffusion.  Visual  inspection 
of  the  steel  reinforcement  at  the  conclusion  of  the  testing  revealed  extensive  corrosion  of 
the  epoxy-coated  reinforcement,  which  was  most  severe  for  the  longitudinal  bars.  This 
corrosion  was  accompanied  by  longitudinal  and  transverse  splitting  of  the  epoxy  coating 
and  staining  of  the  surrounding  concrete.  Significant  area  loss  of  the  epoxy-coated 
reinforcement  due  to  corrosion  was  not  observed.  Tensile  tests  performed  on  the 
extracted  epoxy-coated  bars  revealed  the  average  breaking  strength  was  within  4%  of  the 
initial  tensile  strength  measured  for  the  bars.  Additional  inspection  of  the  diaphragm 
region  showed  the  uncoated  bent  prestressing  strands  had  experienced  severe  corrosion, 
exemplified  by  deep  pitting  and  area  loss.  Strand  corrosion  was  only  observed  at  the 
diaphragm  and  did  not  extend  into  the  precast  panels. 
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7. 1.4.4  Reinforcement  Corrosion  in  the  3  ft  x  3  ft  Durability  Specimens 
Testing  of  the  five  additional  durability  specimens,  each  having  a  one-inch 
reinforcement  cover,  revealed  that  all  epoxy-coated  bars  having  initial  defects  began 
corroding  during  the  first  32  weeks  of  the  exposure  cycling.  Epoxy-coated  bars  without 
initial  defects  did  not  experience  corrosion  during  this  time  period.  The  quantity  of  initial 
defects  did  not  appear  to  influence  the  corrosion  of  the  bars  during  the  first  36  weeks 
ponding,  as  bars  with  small  percentages  of  defects  had  similar  corrosion  currents  and  half- 
cell  potentials  as  bars  with  larger  areas  of  defects.  The  corrosion  currents  measured  for 
the  black  bars  were  considerably  higher  than  currents  corresponding  to  the  epoxy-coated 
bars  containing  defects.  Visual  inspection  of  the  reinforcement  in  Specimen  C  after  24 
weeks  of  exposure  revealed  severe  pitting  and  loss  of  cross-sectional  area  had  occurred 
for  the  black  bar  at  the  crack  location.  Corrosion  damage  to  the  epoxy-coated  bars  with 
initial  defects  consisted  of  surface  rusting  and  minor  pitting  at  the  initial  defects,  and  small 
areas  of  blistering  of  the  epoxy  coating.  Corrosion  of  the  epoxy-coated  bars  was  not 
accompanied  by  a  significant  loss  of  area  during  the  first  24  weeks  of  exposure  cycling. 

7.2  Conclusions 
Based  of  the  test  results  from  this  study,  the  following  conclusions  can  be  drawn: 
1.    Both  the  PCA  and  CTL  methods  considerably  overestimated  the  negative  moments 
due  to  the  restraint  of  time-dependent  deformations  in  bridges  with  full-span 
prestressed  concrete  panels.  The  two-bridge  average  ratio  of  calculated  to 
experimentally  determined  restraint  moments  was  4.65  for  the  PCA  method  and  2.35 
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for  the  CTL  method.  A  modified  version  of  the  PCA  method,  presented  in  this  report, 
was  more  accurate  in  estimating  these  restraint  moments.  This  average  ratio  of 
calculated  to  experimental  restraint  moments  using  this  method  was  1.38. 

2.  The  restraint  moments  in  each  test  bridge  decreased  during  the  initial  loading  due  to 
additional  cracking  at  the  diaphragm.  There  was  a  49%  decrease  in  the  restraint 
moments  of  Bridge  #1,  and  a  30%  decrease  in  the  restraint  moments  of  Bridge  #2 
during  their  corresponding  first  loadings.  The  restraint  moments  remaining  after  the 
initial  loading  were  approximately  equal  to  32%  and  38%  of  the  calculated  cracking 
moments  at  the  center  pier  for  Bridges  #1  and  #2,  respectively,  based  on  a  modulus  of 
rupture  equal  to  7.5Vf 'c  . 

3.  Instantaneous  deflections  due  to  applied  loadings  could  be  reasonably  estimated 
(within  8%  for  Bridge  #1  and  26%  for  Bridge  #2)  using  the  modified  PCA  method, 
assuming  a  fully  cracked  section  at  the  diaphragm.  The  deflections  corresponding  to 
the  initial  loading  of  the  bridge  could  be  calculated  using  this  method  by 
superimposing  moments  at  the  center  pier.  These  moments  were  equal  in  magnitude 
to  the  decrease  in  restraint  moments  caused  by  additional  cracking.  The  PCA  and 
CTL  methods  underestimated  the  deflections  due  to  live  load. 

4.  The  continuity  between  adjacent  spans  was  not  affected  by  5  million  cycles  of  repeated 
service  loading,  in  which  calculated  reinforcement  stress  range  at  the  pier  exceeded  the 
AASHTO  allowable  design  stress  range  by  20  percent. 

5.  The  experimentally  determined  positive  and  negative  moments  in  both  bridges  at 
failure  exceeded  the  AASHTO  design  nominal  moment  capacities  for  the  composite 
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sections.  Full  composite  action  was  attained  by  applying  a  raked  finish  to  the  surface 
of  the  precast  panels.  The  experimentally  determined  negative  moments  greatly 
exceeded  the  AASHTO  design  negative  moments,  primarily  due  to  strain  hardening  of 
the  mild  steel  reinforcement.  These  experimental  moments  were  approximately  1.7 
and  1.6  times  the  AASHTO  moments  for  Bridge  #1  and  #2,  respectively. 

6.  The  ultimate  load-carrying  capacity  of  the  test  bridges  was  not  affected  by  time- 
dependent  effects. 

7.  Moment  redistribution  for  both  bridges  exceeded  the  maximum  percentages  allowed 
by  AASHTO  for  design  considerations. 

8.  Chloride  powder  sample  data  taken  from  Bridge  #1  and  from  five  additional  durability 
specimens  revealed  that  a  build  up  of  chlorides  at  the  interface  of  the  CIP  concrete  and 
precast  panels,  if  existing,  will  remain  isolated  at  crack  locations  during  the  life  of  the 
structure. 

9.  Visual  inspection  of  the  reinforcement,  after  the  48  weeks  of  exposure  cycling  of 
Bridge  #1,  revealed  widespread  corrosion  of  the  epoxy-coated  bars  had  occurred. 
This  was  accompanied  by  splitting  of  epoxy  coating  and  staining  of  the  surrounding 
concrete.  However,  corrosion  did  not  lead  to  a  noticeable  reduction  in  cross-sectional 
area  of  the  epoxy-coated  bars  during  this  time  period,  which  is  believed  to  have 
represented  more  than  45  years  of  exposure  to  deicing  salt  in  the  field.  Inspection  of 
the  uncoated  steel  in  the  diaphragm  revealed  severe  pitting  and  loss  of  cross-sectional 
area  had  occurred  during  this  same  time  period. 
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10.  Visual  inspection  of  the  reinforcement  after  24  weeks  of  southern  exposure  cycling  of 
Specimen  C,  which  had  a  1-inch  clear  cover,  showed  that  the  epoxy-coated  bar 
without  initial  defects  had  not  corroded.  All  five  epoxy-coated  bars  containing  defects 
had  experienced  mild  corrosion.  This  was  evidenced  by  blistering  of  the  epoxy  at  a 
few  places  and  mild  pitting.  Loss  of  cross-sectional  area  of  the  epoxy-coated  bars  due 
to  corrosion  was  negligible.  During  this  same  24-week  exposure  period,  the  uncoated 
bar  in  Specimen  C  had  experienced  severe  corrosion  at  the  crack  location.  Pitting  of 
this  bar  resulted  in  a  loss  of  cross-sectional  area  of  approximately  50  percent. 

7.3  Implementation 
Based  on  the  findings  of  this  experimental  program  the  following 
recommendations  are  made  pertaining  to  the  design  of  multi-span  bridges  using  full-span 
precast  concrete  form  panels. 

1.  The  calculation  of  restraint  moments  at  interior  piers  due  to  time-dependent  effects 
should  include  provisions  for  possible  cracking  of  the  CIP  concrete  and  the  restraint  of 
CIP  concrete  shrinkage  due  to  the  precast  panels  and  steel  reinforcement.  This  can  be 
done  using  the  modified  PCA  method  proposed  in  this  report. 

2.  The  design  moments  at  service  load  should  include  the  calculated  moments  due  to  the 
restraint  of  time-dependent  effects.  However,  since  superimposed  loading  will  likely 
cause  a  decrease  in  negative  restraint  moments  due  to  cracking,  the  reduction  of 
positive  midspan  moments  due  to  negative  restraint  moments  should  be  based  on  a 
decreased  value  of  the  calculated  restraint  moment.  Based  on  the  two  bridges  tested 
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in  this  study,  the  value  of  the  negative  restraint  moment  used  to  decrease  positive 
moments  should  not  exceed  about  30%  of  the  calculated  cracking  moment  at  the  pier. 

3.  Design  service  load  moments  due  to  superimposed  loading  should  be  calculated  using 
cracked  section  properties  at  the  diaphragm  if  calculation  of  restraint  moments 
indicates  cracking  is  likely. 

4.  Calculation  of  instantaneous  deflections  due  to  superimposed  loading  should  be  based 
of  a  fully-cracked  section  at  the  diaphragm  section. 

5.  The  design  moments  at  ultimate  should  not  include  moments  due  to  the  restraint  of 
time-dependent  effects,  since  these  will  be  relieved  by  additional  cracking  and  yielding 
of  the  reinforcement. 

6.  Moment  redistribution  in  accordance  with  AASHTO  section  5.7.3.5  should  be 
allowed.  Redistribution  should  be  based  on  ultimate  moments  calculated  by  linear- 
elastic  analysis  using  uncracked  section  properties. 

7.  Full  composite  action  between  the  precast  panels  and  CIP  topping  should  be  insured 
by  applying  a  raked  finish  on  the  top  surface  of  the  panels. 

8.  Design  for  shear  should  be  done  according  to  AASHTO  Section  5.8. 

9.  The  positive  moment  connection  at  interior  piers  (which  currently  consists  of 
extending  uncoated  prestressing  strands  out  of  the  precast  panel  ends  and  anchoring 
them  in  the  CIP  concrete  diaphragm)  should  be  modified  to  provide  a  more  durable 
structure.  These  strands  experienced  severe  corrosion  during  the  durability  testing  of 
this  study. 
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10.  Since  widespread  corrosion  of  the  epoxy-coated  reinforcement  in  Bridge  #1  initiated 
within  a  few  weeks  after  the  arrival  of  chlorides,  the  concrete  was  the  primary 
corrosion  inhibitor.  Results  from  the  3  ft  x  3  ft  durability  specimens  indicate  that 
INDOT's  current  practice  of  using  "Class  C"  concrete  and  a  rriinimum  reinforcement 
cover  of  2  1/2  inches  is  superior  to  the  chloride  penetration  protection  afforded  by  the 
"Class  A"  concrete  in  Bridge  #1  of  this  study.  Corrosion  of  the  epoxy-coated  steel  in 
Bridge  #1  did  not  result  in  a  significant  loss  of  cross-sectional  area,  even  when 
subjected  to  chloride  concentrations  representing  more  than  40  years  of  exposure  in 
the  field. 

7.4  Suggestions  for  Phase  2 
Phase  1  of  this  research  study  provided  the  much  needed  information  about  the 
behavior  and  durability  of  bridges  constructed  with  full-span  precast  prestressed  concrete 
panels.  Phase  2  will  involve  the  construction  and  monitoring  of  a  continuous  bridge  with 
full-span  precast  panels  in  Indiana.  It  is  the  recommendation  of  the  authors  that  Phase  2 
should  proceed  at  this  time,  provided  the  following  concerns  are  addressed. 

1.    Cracking  due  to  differential  shrinkage  between  the  precast  panels  and  CIP  concrete 
allowed  for  immediate  penetration  of  chlorides  to  the  level  of  reinforcement,  resulting 
in  premature  corrosion  at  these  areas.  Attempts  to  reduce  this  cracking  should  be 
incorporated  in  Phase  2.  Some  possible  areas  of  investigation  include: 

•     The  use  of  longitudinal  and  transverse  post-tensioning  in  the  CIP  topping. 
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•  The  use  of  special  low-shrinkage  concrete  mixes. 

•  The  addition  of  control  joints. 

2.    The  exposure  cycling  of  Bridge  #1  showed  that  the  current  positive  moment 
connection  at  the  diaphragm  was  deficient  in  terms  of  long-term  resistance  to 
corrosion.  The  bridge  constructed  in  Phase  2  should  utilize  a  different  reinforcement 
detail  at  the  diaphragm.  Two  alternate  details  are  shown  in  Figure  7.1. 
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